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ABSTRACT 


Humphrey,  Dana  Norman.  Ph.D.,  Purdue  University,  December 
1986.  Design  of  Reinforced  Embankments.  Major  Professor 
R.  D.  Holtz. 


A  study  was  made  of  reinforced  embankments  constructed 
on  undrained  soft  foundations  using  the  finite  element  (FE) 
method  with  a  cap  elastic-plastic  work  hardening  soil  behav- 
ior model.   A  straightforward  procedure  was  developed  to 
obtain  the  cap  input  parameters  from  standard  soil  test  re- 
sults.  The  FE  analyses  showed  that  crust  strength  and  foun- 
dation compressibility  have  the  greatest  influence  on  the 
benefit  possible  with  reinforcement.   The  reinforcement's 
main  effect  is  to  reduce  shear  stresses  in  the  foundation 
near  the  embankment  toe.   Reinforcement  is  very  beneficial 
for  widening  and  raising  the  grade  of  existing  embankments. 

Underlying  assumptions  of  modified  limiting  eguilibrium 
methods  were  examined.   The  assumption  of  no  change  in 
normal  stress  on  the  portion  of  the  slip  surface  passing 
through  the  fill  due  to  reinforcement  appears  to  be  valid. 
In  addition,  a  thorough  summary  of  reinforced  embankment 
case  histories  was  presented  and  evaluated. 


CHAPTER  1 
INTRODUCTION 


Tensile  reinforcement  is  being  used  more  frequently  to 
increase  the  end  of  construction  stability  of  embankments 
founded  on  soft  soils.   It  allows  embankments  to  be  con- 
structed to  greater  heights,  with  steeper  side  slopes,  or 
without  the  need  for  staged  construction.   In  a  typical 
application  the  reinforcement  is  placed  at  the  base  of  the 
embankment.    Geotextiles  or  geogrids  are  commonly  used  as 
the  reinforcing  material. 

Suitable  procedures  for  designing  reinforced  embank- 
ments are  still  being  developed  and  all  suffer  from  the 
limitations  that  are  inherent  for  any  design  methods  for 
embankments  on  soft  ground  (Tavenas,  et  al.,  1980).   Modifi- 
cations of  existing  limiting  equilibrium  techniques  are 
presently  the  most  common  procedures  but  there  are  several 
underlying  assumptions  that  have  not  been  confirmed. 

Deformations  are  one  of  the  important  factors  in  rein- 
forced embankment  behavior  since  they  control  the  force 
which  develops  In  the  reinforcement.   Finite  element 


analyses  have  been  used  to  gain  Insight  into  the  deforma- 
tions and  resulting  embankment  behavior.   Recent  applica- 
tions include  Boutrup  and  Holtz  (1982)  and  McCarron  (1985). 
The  cap  model  (Chen  and  Baladi,  1985)  has  been  used  to 
represent  behavior  of  soft  foundation  soils  with  reasonable 
success  (McCarron,  1985)  but  a  trial  and  error  procedure  was 
required  to  obtain  the  cap  parameters. 

1.1  OBJECTIVE  AND  SCOPE 

This  thesis  had  several  objectives.   The  first  was  to 
develop  a  straightforward  and  reliable  procedure  to  deter- 
mine the  cap  model  parameters  from  standard  soil  test 
results  and  to  investigate  the  capabilities  and  limitations 
of  the  model  to  predict  undra i ned  soil  behavior.   This  will 
allow  the  model  to  be  applied  with  greater  simplicity  and 
more  understanding  to  analysis  of  embankments  constructed  on 
soft  ground  and  other  similar  problems.   The  ability  of  the 
model  to  predict  drained  behavior  or  the  behavior  of 
granular  soils  was  not  considered. 

The  second  objective  was  to  Identify  the  range  of  soil 
properties  and  embankment  geometries  where  reinforcement  is 
most  beneficial  and  to  gain  Insight  Into  the  factors  which 
contribute  to  the  increase  In  stability.   Special  attention 
was  given  to  widening  and  raising  the  grade  of  existing 
embankments.   This  was  done  with  a  finite  element  analysis 


technique  using  the  cap  soil  behavior  model.   The  study  was 
limited  to  undrained  foundation  conditions. 

The  last  objective  was  to  examine  the  validity  of  some 
of  the  assumptions  of  modified  limiting  equilibrium  analysis 
methods.   In  addition,  the  proper  roles  of  finite  element 
and  limiting  equilibrium  analyses  in  current  design  practice 
were  considered. 

1.2  THESIS  ARRANGEMENT 

This  thesis  Is  composed  of  four  main  parts.   The  first 
Is  Chapter  2  which  reviews  the  available  literature  on 
design  of  reinforced  embankments.   The  review  covers  both 
applications  of  finite  element  and  limiting  equilibrium 
methods.   In  addition,  a  thorough  summary  of  reinforced 
embankment  case  histories  is  presented. 

The  second  part  Is  development  of  a  straightforward 
procedure  to  determine  the  cap  model  parameters  from  stan- 
dard soil  test  results.   The  main  features  and  governing 
equations  of  the  model  are  reviewed  In  Chapter  3.   The  pro- 
cedure Is  developed  In  the  first  few  sections  of  Chapter  4. 
This  Is  followed  by  application  of  the  model  to  laboratory 
test  results  on  resedimented  samples  of  Boston  Blue  Clay. 
Then,  the  cap  parameters  for  52  clayey  soils  are  summarized. 
Finally,  the  effect  of  varying  the  Input  soil  properties  on 


predicted  stress-strain  and  pore  pressure  response  is 
exami  ned . 

The  third  part  involves  the  use  of  a  plane  strain 
finite  element  program  with  the  cap  soil  model  to  make  a 
comparative  study  of  reinforced  and  unreinforced  embankment 
behavior.   The  analysis  procedure  is  developed  in  Chapter  5. 
This  is  followed  by  a  study  of  the  effect  of  embankment 
geometry  and  foundation  soil  properties  on  embankment  behav- 
ior.  The  method  is  applied  to  widening  and  raising  the 
grade  of  existing  embankments  in  Chapter  6. 

The  last  part  is  Chapter  7  in  which  limiting  equilib- 
rium analysis  techniques  are  examined  and  some  of  their 
underlying  assumptions  are  reassessed  in  light  of  results 
from  the  finite  element  studies.   Use  of  finite  element  and 
limiting  equilibrium  analyses  for  embankment  design  is  also 
di  scussed. 


CHAPTER  2 

REINFORCED  EMBANKMENTS 
A  LITERATURE  REVIEW 


2.1  INTRODUCTION 

There  is  a  large  volume  of  literature  related  to  rein- 
forced embankments  Including  three  international  conferences 
(International  Conference  on  the  Use  of  Fabrics  in  Geotech- 
nics,  Paris,  1977;  Second  International  Conference  on  Geo- 
textiles.  Las  Vegas,  1982;  Third  International  Conference  on 
Geotextiles,  Vienna,  1986)  and  a  session  at  the  Eleventh 
International  Conference  on  Soil  Mechanics  and  Foundation 
Engineering  (San  Francisco,  1985).   It  i s  a  1  so  covered  in  a 
Federal  Highway  Administration  design  manual  (Christopher 
and  Holtz,  1984)  and  in  three  textbooks  (Koerner  and  Welsh, 
1980;  Rank! lor,  1981;  Koerner,  1986). 

Literature  on  reinforced  embankment  analysis  and  behav- 
ior are  reviewed  in  this  chapter  and  areas  that  will  be 
addressed  in  this  study  are  highlighted.   In  the  first  sec- 
tion limiting  equilibrium  analysis  of  reinforced  embankments 
is  examined.   This  is  followed  by  a  review  of  finite  element 
analyses  of  reinforced  embankments.   In  the  last  section  a 


comprehensive  summary  of  reinforced  embankment  case  histo- 
ries is  presented.   Geotextile  properties  and  testing  is 
covered  in  a  separate  report  (Humphrey,  1985c). 

2.2  LIMITING  EQUILIBRIUM  ANALYSES 

Limiting  equilibrium  analyses  are  the  most  common  meth- 
ods used  at  present  to  investigate  the  safety  of  reinforced 
embankments  against  instability.   They  include  both  slope 
stability  and  bearing  capacity  analyses.   In  slope  stability 
methods  a  slip  surface  is  assumed  and  the  safety  factor  for 
a  given  reinforcing  force  is  calculated.   At  limiting  equi- 
librium the  reinforcement  ruptures  or  reaches  a  maximum 
allowable  deformation  and  a  slide  of  the  embankment  slope 
and  underlying  foundation  occurs.   In  bearing  capacity  meth- 
ods the  embankment  is  analyzed  as  an  equivalent  footing  and 
the  presence  of  the  reinforcement  is  not  specifically 
accounted  for.   Neither  method  gives  information  on  deforma- 
tions prior  to  failure.   Milligan  and  La  Rochelle  (1984) 
recommend  that  limiting  equilibrium  methods  be  used  with 
caution  and  detailed  assessments  of  geotextile  strain  should 
be  made  when  settlements  are  expected  to  exceed  107.  of  the 
embankment  height. 

Slope  stability  methods  are  discussed  in  the  next  sec- 
tion.  Special  emphasis  is  given  to  the  underlying  assump- 
tions.  This  is  followed  by  a  discussion  of  bearing  capacity 


methods.   Then,  analyses  for  other  failure  modes  are  cov- 
ered.  Finally,  design  procedures  are  reviewed. 

2.2.1  Slope  Stability  Methods 

Slope  stability  methods  that  are  applicable  to  low 
embankments  constructed  on  weak  foundations  and  with  a  sin- 
gle layer  of  reinforcement  placed  near  its  base  generally 
make  the  assumption  that  the  reinforcement  provides  only  a 
resisting  force  or  moment  and  does  not  alter  the  distribu- 
tion of  normal  stress  on  the  assumed  slip  surface  (Bakker, 
1977;  Bjerin,  1977;  Broms,  1977;  Maagdenberg,  1977; 
Hal i burton,  1981;  Fowler,  1982;  Hannon,  1982;  Ingold,  1982; 
Jewell,  1982;  Quast ,  1983;  Christopher  and  Holtz,  1984; 
Milligan  and  La  Rochelle,  1984;  Rowe,  et  al.,  1984a;  Rowe 
and  Soderman,  1985a;  Milligan,  1985).   It  follows  that  the 
shear  resistance  provided  by  frictional  material  is  also 
unchanged.   This  is  felt  to  be  conservative  since  reinforce- 
ment is  expected  to  increase  the  normal  stress;  however, 
this  has  not  been  confirmed  and  may  even  be  over  conserva- 
tive if  the  increase  in  normal  stress  Is  large.   Wager 
(1981)  proposed  a  method  which  attempts  to  account  for  the 
increase  in  normal  stress  and  shear  resistance  on  the  por- 
tion of  the  slip  surface  passing  through  the  granular 
embankment  fill.   Several  other  methods  that  are  mainly 
applicable  to  embankments  on  strong  foundations  with  steep 
side  slopes  and  multiple  reinforcing  layers  do  consider  the 
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increase  in  normal  stress  (Christie  and  El  Hadi,  1977; 
Jewell,  1981;  Christie,  1982;  Murray,  1982;  Murray,  et .  al , 
1982;  Schneider  and  Holtz,  1985). 

One  of  the  key  difficulties  in  applying  these  methods 
Is  choosing  the  allowable  force  in  the  reinforcement  for  use 
in  the  analysis.   An  obvious  limit  is  the  ultimate  tensile 
strength  of  the  reinforcement  but  there  is  evidence  based  on 
finite  element  studies  that  the  strength  of  the  foundation 
soil  and  embankment  fill  are    fully  mobilized  and  failure 
occurs  before  there  are  sufficient  deformations  to  develop 
the  reinforcement's  tensile  strength  (Rowe  and  Soderman, 
1985a).   This  situation  may  be  more  severe  if  the  foundation 
soils  reach  their  peak  strength  at  small  strains  followed  by 
strain  softening.   The  force  in  the  reinforcement  is  trans- 
mitted to  the  soil  above  and  below  it  by  shear  so  the  inter- 
face strength  also  limits  the  allowable  force.   There  is  a 
restriction  on  the  force  at  working  levels  since  synthetic 
fabrics  experience  large  creep  deformations  as  their  ulti- 
mate tensile  strength  is  approached.   Shrestha  and  Bell 
(1982)  feel  that  the  working  force  should  be  less  than  60% 
of  the  ultimate  strength  for  polyester  fabrics  and  40-507.  of 
the  ultimate  strength  for  polypropylene  fabrics;  however, 
this  is  not  based  on  research  or  field  experience. 


In  the  analysis  methods  a  safety  factor  SF  Is  applied 
to  the  soil  and  reinforcement  strengths  such  that  the  driv- 
ing forces  D,  and  the  resisting  forces  provided  by  the  soi  1 
R  and  by  the  reinforcement  dR  are  related  by 

D  =  R/SF  +  dR/SF  (2. 1 ) 

At  failure  (SF  =  1)  the  soil  strength  and  allowable  rein- 
forcement force  are  fully  mobilized.   The  reinforcement 
force  required  to  attain  a  desired  safety  factor  Is  found  by 
solving  Eq.  2.1  for  dR 

dR  =  SF(D)  -  R  (2.2) 

The  reinforcement  force  under  working  conditions  dR   is 
given  by 

dRu  =   dR/SF  (2.3) 

W 

Risseeuw  (1977)  recommends  SF  >  1.3  for  peaty  foundations 
and  SF  >  1.5  for  clayey  foundations.   McGown,  et  a  1 .  (1984) 
proposed  that  partial  safety  factors  be  applied  to  the  dead 
and  live  loads  and  to  the  fill,  reinforcement  and  soil- 
re i nforcement  interface  strengths  to  account  for  variability 
of  loads  and  materials,  durability  of  materials,  lack  of 
accuracy  of  the  design  method,  and  influence  of  construction 
methods . 
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2.2.1.1  Circular  failure  mode.   In  the  circular  failure 
mode  the  reinforcement  Is  assumed  to  provide  an  additional 
resisting  moment  which  Is  the  product  of  the  resisting  force 
In  the  reinforcement  FD  times  Its  moment  arm  y  about  the 
center  of  the  assumed  slip  circle.   The  reinforcement  force 
Is  taken  to  act  either  In  the  direction  that  the  reinforce- 
ment was  originally  placed,  generally  horizontal,  as  shown 
in  Fig.  2.1a  (Bjerin,  1977;  Broms ,  1977;  Ingold,  1982; 
Jewell,  1982;  Christopher  and  Holtz,  1984;  Milligan  and  La 
Rochelle,  1984;  Milligan,  1985)  or  tangent  to  the  slip  cir- 
cle as  shown  in  Fig.  2.1b  (Bakker,  1977;  Maagdenberg,  1977; 
Hal i burton,  1981;  Fowler,  1982;  Hannon,  1982;  Quast,  1983; 
Rowe,  et  al.,  1984a).   The  latter  requires  that  sufficient 
deformations  occur  to  orient  the  reinforcement  tangent  to 
the  slip  surface.   While  this  has  been  observed  in  some 
embankment  failures  (Fowler,  1982)  excessive  deformations 
may  be  required  to  reach  this  stage.  It  is  conservative  to 
assume  that  the  resisting  force  acts  In  the  direction  of  the 
original  reinforcement  (Jewell,  1982)  since  the  correspond- 
ing moment  arm  is  smaller.   If  FD  Is  taken  to  act  tangent  to 
the  circle,  y  equals  the  radius  r  of  the  slip  circle.   For 
horizontal  reinforcement  and  FD  acting  in  the  direction  of 
the  reinforcement,  y  is  the  elevation  difference  between  the 
center  of  the  slip  circle  and  the  reinforcing  layer. 


1 1 


(a.)  Reinforcement  force  horizontal 


(b.)  Sufficient  deformations  to  cause  reinforcement  to  be 
tangent  to  slip  circle. 


Figure  2.1   Orientation  of  reinforcing  force. 
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The  resisting  moment  provided  by  the  reinforcement  is 
easily  Incorporated  into  simplified  Bishop's  method  of 
slices  (Bishop,  1955)  which  is  based  on  moment  equilibrium. 
This  was  done  by  Ingold  (1982)  for  the  special  case  of  cohe- 
sion less  embankment  and  foundation  soils  with  one  or  more 
horizontal  reinforcing  layers  with  FR  acting  in  the  direc- 
tion of  the  layer 

SF    =    [TW(l-r    )tan<t>'/m      +    IFDcos9]    /    IWsinO  (2.4) 

U  O.  K 

where  m      =    cose    +    (s  i  n6tan<$>'  )  /SF 

a 

W  =  weight  of  slice 

r  =  pore  pressure  factor 

4>'  =  friction  angle  on  base  of  slice 

6  b  inclination  of  base  of  slice 

An  equation  for  the  required  FR  for  SF  =  1.0  was  given 
by  Milligan  and  La  Rochelle  (1984).   It  is  applicable  to  the 
special  case  of  a  cohesion  less  embankment  with  a  height  H 
and  side  slope  B,  on  a  foundation  with  a  crust  of  thickness 
t  and  strength  c . ,  underlain  by  soil  whose  strength 
Increases  linearly  with  depth  at  a  rate  of  a  from  an  imagi- 
nary intercept  of  zero  at  the  ground  surface  (Fig.  2.2). 
The  driving  force  In  the  embankment  was  replaced  by  the 
active  earth  pressure.   It  can  be  shown  analytically  that 
when  this  assumption  is  made  the  center  of  the  critical 
circle  will  lie  on  a  vertical  line  passing  through  the 
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midpoint  of  the  slope.   Their  equation  in  dimens i on  1  ess  form 
is 

2F  Y/(v   ^H2)  =  2YZ  -  cot26/12  +  K.(Y-l/3)  + 
cr R  '     Temb  A 

z2  -  4ct(Y+Z)2(e1-e2)/(yembH)  - 

4a[(Y+Z)3sin02  -  Q ^ ( Y+Z ) 2 ] /Yemb  (2.5) 

where     D     =  depth  of  base  of  slip  circle 

K      =  active  earth  pressure  coefficient  in 
embankment 

Y  =  unit  weight  of  embankment  fill 
emb 

X      =  t/H 

Y  =  y/H 
Z      =  D/H 

tanBj  =  [2(Z/Y)  +  (Z/Y)2]1/2 
tan62  =  {[(Y+Z)/(Y+X)]2  -  1 } ' /2 

Milligan  and  La  Rochelle  (1984)  recommend  that  the  rein- 
forcement force  be  taken  as  horizontal.   The  usefulness  of 
Eq.  2.5  can  be  improved  by  having  the  strength  of  the  under- 
lying soil  layer  increase  linearly  with  depth  from  an  imagi- 
nary intercept  of  c   at  the  ground  surface 

2FRY/(vembH2)  =  2YZ  -  cot2B/12  +  KA(Y-l/3)  + 

z2  -  4ct(Y+Z)2<e1-e2)/(YembH)  -  (2.6) 

4co(Y+Z)2G2/(YembH)    -    4a[(Y+Z)3sinG2    -    BJ ( Y+Z)2]/Yemb 

The  parameters  t,  c .  ,  a,  and  c   should  be  chosen  to  best 

t  o 

model  the  actual  soil  strength  profile.   Caution  should  be 
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used  when  choosing  a  value  for  c   since  it  is  difficult  to 
estimate  the  strength  of  the  crust. 


When  the  resisting  force  Is  taken  to  act  tangent  to  the 
slip  circle  It  can  be  represented  as  an  equivalent  cohesion 
distributed  along  all  or  part  of  the  circle  (Fowler,  1982; 
Hannon,  1982).   Some  authors  have  replaced  the  geotextile  by 
a  thin  cohesive  layer  at  the  base  of  the  embankment  (Bakker, 
1977;  Maagdenberg,  1977).   For  both  methods  the  product  of 
the  equivalent  cohesion  times  the  length  of  the  slip  surface 
over  which  It  acts  equals  the  reinforcing  force.   This  tech- 
nique allows  existing  slope  stability  analysis  computer  pro- 
grams to  be  used  without  modification;  however,  the  equiva- 
lent cohesion  is  a  function  of  the  length  of  the  slip  sur- 
face so  a  different  value  must  be  used  for  each  trial  cir- 
cle.  Risseeuw  (1977)  used  this  method  to  develop  design 
curves  for  an  embankment  with  a  friction  angle  of  35   and 
1.5h:lv  slope.   Similar  curves  are  given  by  Fowler  (1982) 
for  an  embankment  with  a  friction  angle  of  30   and  1  Oh : 1 v 
s 1  ope . 

Wager  (1981)  proposed  a  method  which  attempts  to 
account  for  the  increase  In  normal  stress  and  shear  resis- 
tance along  the  portion  of  the  failure  surface  passing 
through  the  embankment.   He  took  the  slip  surface  as  verti- 
cal through  the  embankment  as  shown  in  Fig.  2.3  and  the 
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FILL,  A 


Figure  2.3   Wager's  analysis  method  (Wager,  1981). 
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Increase  in  shear  res f stance  caused  by  the  reinforcement 
along  this  plane  was 

dS  =  F  (tan4>f)  (2.7) 

where  4>,  Is  the  friction  angle  of  the  embankment  fill.   In 
addition,  the  reinforcement  provides  a  resisting  moment 
equal  to  F_  times  its  moment  arm  y.   The  total  increase  in 
resisting  moment  is  therefore 

y(FR)  +  x(FR)(tan<frf )  (2.8) 

where  x  is  the  moment  arm  of  dS  about  the  center  of  the  slip 
circle  (Fig.  2.3).   The  method  has  been  successfully  applied 
to  about  30  cases;  however,  it  should  be  used  with  caution 
because  the  actual  increase  in  stress  on  the  slip  surface 
caused  by  the  reinforcement  is  unknown. 

2.2.1.2  Sliding  block  failure  mode.   In  the  sliding 
block  failure  mode  a  slide  is  assumed  to  occur  on  a  horizon- 
tal or  inclined  sliding  surface  (Fig.  2.4).   Active  pressure 
provides  the  driving  force  and  passive  resistance  acts  at 
the  toe  of  the  sliding  block.   The  reinforcement  provides  a 
horizontal  resisting  force.   This  failure  mode  may  be  more 
critical  for  foundations  that  contain  a  weak  layer  or  whose 
strength  increases  with  depth. 
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Embankment  Fill 
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Friction  Angle,  <b 


C.vBrHCOt/? 


Figure  2.4   Sliding  block  failure  mode  (Milligan 
and  La  Roche  lie,  1984). 


\b 


Milligan  and  La  Roche  lie  (1984)  present  an  equation  for 

the  FD  required  for  SF  =  1.0  for  the  case  of  an  embankment 

on  a  foundation  with  a  strength  of  c    •   The  base  of  the 

avg 

sliding  block  is  horizontal  and  at  a  depth  D  (Fig.  2.4). 
Other  variables  are  as  defined  previously. 

Fn/Y   ^H2  =  K./2  +  Z  -  (c    /yo  .  H)(4Z  +  COtB)   (2.9) 
R  Temb      A  avg   emb 

This  equation  was  modified  for  the  case  of  a  strength  c  on 
the  base  of  the  sliding  block  and  a  strength  c.  on  the 
active  and  passive  wedges  in  the  foundation 

FR/YembH2  "  V2  +  Z  "  4ctZ/YembH  "  ( c/YembH) CotB    (2-,0) 

Eq.  2.10  is  applicable  to  sliding  on  a  horizontal  weak 
layer . 


2.2.1.3  Example  problem.   The  analysis  methods  pre- 
sented above  are  illustrated  by  an  example  problem.   A  6-ft 
high  granular  embankment  with  a  strength  of  4>'  =  30   and 
2h:lv  side  slope  is  considered.   The  foundation  consists  of 
a  3-ft  thick  crust  with  an  undra i ned  strength  of  150  psf 
underlain  by  a  soil  whose  strength  increases  linearly  with 
depth  at  a  rate  of  25  psf  per  ft  from  an  Imaginary  intercept 
of  zero  at  the  ground  surface.   The  critical  slip  circle  was 
located  using  STABL4,  a  slope  stability  analysis  program 
developed  at  Purdue  University  (Siegel,  1975).   Without 
reinforcement  the  embankment  has  a  safety  factor  of  1.0. 
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The  reinforcement  force  required  to  raise  the  safety 
factor  to  1.5  was  computed  for  the  circular  failure  mode 
(critical  circle  for  unre i nforced  embankment  only)  with  hor- 
izontal and  tangent  reinforcement  forces  by  simplified 
Bishop's  method  and  Wager's  (1981)  method  with  a  horizontal 
reinforcement  force.   Milligan  and  La  Roche  lie's  (1984) 
equations  for  circular  mode  and  sliding  block  mode  with  the 
base  of  the  block  at  a  depth  of  3  ft  were  also  used.   The 
values  obtained  are  summarized  in  Table  2.1. 


Table  2. 1 
Reinforcement  force  required  to  raise  safety  factor 
to  1.5  for  most  critical  circle. 


Simplified  Bishop,  horizontal  force  2500  lb/ft 
Simplified  Bishop,  tangent  force  1600  lb/ft 
Wager  (1981),  circular  mode, 

horizontal  force  (Eq.  2.8)  1500  lb/ft 

Milligan  and  La  Rochelle  (1984), 

circular  mode  (Eq.  2.5)  2000  lb/ft 

Milligan  and  La  Rochelle  (1984), 

sliding  block  mode  (Eq.  2.10)  1800  lb/ft 


It  is  seen  that  the  required  force  varied  greatly  for  the 
different  analysis  methods.   For  the  circular  failure  mode 
the  orientation  of  the  reinforcing  force  and  including  the 
increase  in  frictional  resistance  in  the  fill  makes  a  sig- 
nificant difference  in  the  required  force.   The  force 
obtained  with  Milligan  and  La  Roche  lie's  (1984)  equation  for 
a  sliding  block  failure  mode  was  less  than  for  the  circular 
mode  so  the  latter  Is  more  critical  for  this  case. 
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2.2.2    Bearing  Capacity  Methods 

Bearing  capacity  methods  can  be  used  to  assess  the  sta- 
bility of  embankments  constructed  on  soft  ground  by  treating 
the  embankment  as  an  equivalent  footing.   The  presence  of 
the  reinforcement  Is  not  considered  explicitly  In  these 
methods.   The  failure  height  H   from  classical  bearing 
capacity  theory  (Terzaghi  and  Peck,  1967)  for  a  strip 
footing  is  given  by 

Hf  =  (5.U)cu/yemb  (2.11) 

where  c   the  undrained  shear  strength  of  the  foundation 
u 

soil.   This  equation  assumes  that  the  soft  foundation  soils 
are  deep  relative  to  the  width  of  the  embankment  and  that 
its  strength  is  uniform. 

2.2.2.1  Strength  increasing  with  depth.   The  bearing 
capacity  for  a  foundation  whose  strength  increases  with 
depth  was  examined  by  Davis  and  Booker  (1973).   The  bearing 
capacity  of  a  footing  of  width  B  is 


Q/B  =  q  =  F[(2+tt)co  +  aB/4]  (2.12) 

where  c   Is  the  undrained  shear  strength  at  the  ground  sur- 
o 

face,  a  is  the  rate  of  increase  of  the  foundation  strength 

with  depth,  and  F  is  a  correction  factor  depending  on  the 

roughness  of  the  footing  and  the  ratio  c  /qB.   Noting  that 

q  =  Y   uH,  and  a  =  y'   .  (c  /a'     )  where  y'   .  is  the 
^    '  emb  f  'fnd   u   vo         f  nd 
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effective  unit  weight  of  the  foundation  soil  and  c  /°'   is 
the  undrained  shear  strength  ratio,  Eq.  2.12  becomes 

Hf  *  (7E-)[(2+tI)co  ♦  Yfnd(cu/o;o)B/4]    (2.13) 

■      emb 


It  Is  felt  that  a  reinforced  embankment  corresponds  to  a 
footing  with  a  rough  base  since  this  would  account  for  the 
shear  resistance  at  the  foundation-reinforcement  Interface. 

2.2.2.2  Limited  thickness  of  foundation  soil.   The 
effect  of  a  limited  thickness  of  soft  foundation  soil  on  the 
bearing  capacity  factor  was  investigated  by  Mandel  and 
Selencon  (1969)  using  the  theory  of  plasticity.   The  embank- 
ment is  assumed  to  be  rigid  and  the  foundation  behaves  as 
rigid  material  up  to  failure  and  then  is  perfectly  plastic. 
The  shear  strength  of  the  foundation  is  given  by  the  von 
Mises  failure  criteria  (Chen  and  Saleeb,  1982).   The  problem 
is  analogous  to  compression  of  a  block  between  rough  rigid 
parallel  platens  where  the  platen  width  exceeds  the  material 
thi  ckness . 

The  technique  was  applied  by  Silvestri  (1983)  to  analy- 
sis of  unreinforced  embankments  on  soft  soils  of  thickness 
Df  (Fig.  2.5a).   The  vertical  stress  distribution  beneath 
the  embankment  at  failure  is  given  by  Eq.  2.14  which  was 
originally  developed  by  Mandel  and  Selencon  (1969).   The 
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(a.)  Unre i nforced  embankment  on  soft  clay, 


(b.)  Available  vertical  stress  (bearing  capacity). 
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(c.)  Applied  vertical  stress 


Figure  2.5   Bearing  capacity  analysis  of  reinforced 

embankment  on  foundation  of  limited  depth 
(Silvestrf,  1983). 
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equation  fs  valid  when  the  width  of  the  embankment  B  is 
greater  than  4D^« 

a      =  (  1  +  it  +  Xx/Df)cu  (2.14) 

where      a      =  vertical  stress 

X      =  1  1 f  shear  strength  at  embankment-foundation 

interface  fs  zero 

X      =  2  if  shear  strength  at  embankment- foundat i on 

Interface  =  c 
u 

x   =  horizontal  distance  from  toe  of  embankment 

D,.  =  thickness  of  soft  foundation 

c   =  undrained  shear  strength  of  foundation 
u 

The  A  parameter  was  introduced  to  account  for  partial  mobi- 
lization of  shear  strength  at  the  embankment  foundation 
interface.   The  resulting  distribution  of  available  vertical 
stress  is  trapezoidal  in  shape  and  reaches  a  maximum  value 
beneath  the  centerline  (Fig.  2.5b).   Eq.  2.14  can  be  rear- 
ranged to  give  the  bearing  capacity  factor  at  the  centerline 
(i.e.,  x=  B/2) 


N   =  Y   wH/c   =  1  +  tt  +  XB  /2  (2.15) 

c     emb    u  n 


where  B   is  the  normalized  width  defined  as 
n 


Bn  =  B/Df  (2. 16) 


Silvestrl  (1983)  assumes  that  the  applied  vertical 
stress  fs  the  product  of  the  unit  weight  times  the  fill 
height  (Fig.  2.5c).   This  Ignores  any  stress  redistribution 
which  takes  place  In  the  fill.   The  critical  point  1s 
beneath  the  crest  of  the  embankment  and  the  safety  factor  SF 
fs  obtained  by  dividing  the  available  by  the  applied  verti- 
cal stress  at  this  point.   For  an  embankment  of  height  H 
this  results  in 

SF  =  [(1  +  ir)/H  +  (*cotB)/Df](cu/Yemb)       (2.17) 

Silvestrl  (1983)  used  Eq.  2 . 1 7  to  compute  the  safety 

factor  for  10  case  histories  of  unreinforced  embankment 

failures.   An  average  c   was  used  in  cases  where  the 

u 

strength  varied  with  depth  and  vane  strengths  were  corrected 
according  to  Bjerrum  (1972)  or  Pilot  (1972).   Safety  factors 
of  nearly  one  were  obtained  for  all  cases  when  A  was  taken 
to  be  2.   The  safety  factor  was  consistently  underpredi cted 
with  X    =  1 . 

The  implication  of  A  =  2  is  that  the  embankment  applies 
a  force  to  the  top  of  the  foundation  soil  that  is  pointed 
toward  the  center  line  which  resists  lateral  squeezing.   For 
an  unreinforced  embankment  this  violates  basic  considera- 
tions of  equilibrium.   The  earth  pressure  in  the  embankment 
applies  an  outward  force  so  the  force  applied  to  the  top  of 
the  foundation  soil  must  also  be  outward  as  shown  in  Fig. 
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2.6a.   Therefore,  the  apparent  good  agreement  between  pre- 
dicted and  observed  safety  factors  for  X    -    2  must  be  ques- 
tioned.  The  foregoing  arguments  do  not  apply  to  reinforced 
embankments  since  the  reinforcement  can  carry  a  tensile 
force  and  can  apply  an  Inward  force  to  the  foundation  soil 
(Fig.  2.6b).   Accordingly,  the  \    value  should  be  taken  as  1 
for  unreinforced  embankments  and  2  for  reinforced  embank- 
ments.  From  Eq.  2.17  It  can  be  seen  that  the  SF  Is  greater 

when  \    =  2  (reinforced  embankment)  by  (cotB/Df ) ^cu^Yemb^ " 
This  implies  that  reinforcement  is  more  effective  for 
smaller  D^  and  flatter  side  slopes;  however,  the  latter  is 
not  consistent  with  reinforced  embankment  behavior  based  on 
finite  element  studies  (Rowe  and  Soderman,  1985a). 

Edgar  (1984)  used  a  similar  procedure  to  analyze  an 
embankment  constructed  on  a  geogrid  mattress.   The  form  of 
the  solution  1s  graphical  and  was  originally  developed  by 
Johnson  and  Mel  lor  (1983;  Section  12.5).   It  was  modified  to 
include  the  passive  resistance  provided  by  the  foundation 
soil  beneath  the  toe  of  the  embankment.   Edgar  (1984) 
assumed  that  the  mattress  Is  rigid  and  that  the  roughness  of 
the  base  ensures  a  good  contact  with  the  foundation  soils 
allowing  the  full  interface  strength  to  develop  (i.e.,  A  = 
2).   The  definition  of  the  safety  factor  is  different  from 
that  used  by  Silvestrl  (1983).   Edgar  divides  the  total 
available  vertical  force  by  the  total  embankment  weight. 
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Figure  2.6   Force  applied  to  top  of  clay  layer. 
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Use  of  this  technique  for  analysis  of  an  embankment  on  a 
geogrid  mattress  was  also  proposed  by  Paul  (1983). 

Edgar's  and  Silvestri's  methods  were  compared  for  the 
case  of  a  15  m  high  embankment  on  a  6  m  thick  soft  founda- 
tion described  by  Edgar  (1984).  Edgar  (1984)  calculated  a 
SF  of  3.0  while  Silvestri  (1983)  (Eq.  2.17)  yields  a  SF  of 
2.5.  For  comparison,  the  SF  when  the  soft  foundation  is 
very  thick  drops  to  0.9  as  calculated  by  classical  bearing 
capacity  theory  (Eq.  2.11). 

2.2.3  Other  Failure  Modes 

The  are  some  other  failure  modes  in  addition  to  slope 
and  bearing  capacity  failure  modes  discussed  above.   The 
first  is  a  slope  failure  completely  within  the  embankment. 
This  can  be  checked  with  conventional  slope  stability 
methods.   The  next  Is  slipping  at  the  embankment  fill- 
reinforcement  interface.   This  requires  a  so i 1 -reinforcement 
friction  angle  4>  €    In  excess  of  (Hall  burton,  1981;  Fowler, 
1981  ) 

<t>  _  =  tan"1  t(2(SF)P  )/ ( Y„mKsH2  )  ]  (2.18) 

sf  a     emb 

where:     P   =  active  earth  pressure 
a 

s   =  slope  parameter  (i.e.,  for  5  on  1  slope  s=5) 
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Lastly,  there  is  lateral  splitting-spreading  (Haliburton, 
1981;  Fowler,  1981)  where  the  reinforcement  must  be  able  to 
resist  the  maximum  lateral  earth  pressure  exerted  by  the 
embankment  fill 

FR  =  ^emb^A  (2'19) 

An  additional  restriction  is  that  excessive  displacements 
must  be  avoided. 

2.2.4  Design  Procedures 

The  failure  modes  discussed  above  have  been  incorpo- 
rated into  several  design  procedures.   Procedures  proposed 
by  Jewell  (1982),  Haliburton  (1981),  and  FHWA  (Christopher 
and  Holtz,  1984)  are  reviewed  below. 

2.2.4.1  Jewell's  procedure.   A  procedure  was  proposed 
by  Jewell  (1982)  where  the  distribution  of  force  in  the 
reinforcement  required  to  maintain  stability  is  compared  to 
the  distribution  of  available  force.   The  distribution  of 
required  force  is  computed  using  limiting  equilibrium  meth- 
ods.  Several  points  along  the  reinforcement  are    selected. 
The  most  critical  circle  passing  through  each  point  is  found 
by  trial  and  error  and  the  reinforcing  force  required  to 
maintain  equilibrium  at  the  desired  safety  factor  Is  calcu- 
lated as  shown  In  Fig.  2.7.   The  effect  of  a  tension  crack 
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•    Trial  circle  centers 

□    Trial  positions  on 
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Figure  2.7 


Slip  circle  analysis  using  Jewell's  procedure 
(Jewell,  1982). 
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extending  through  the  ful 1  depth  of  fill  Is  checked  for  each 
surface. 

The  available  force  Is  calculated  by  starting  at  the 
free  end  of  the  reinforcement  and  working  inward.   The  force 
Is  the  cumulative  sum  of  the  sol  1 -rei nforcement  shear 
strength  on  each  side  of  the  reinforcement.   An  upper  limit 
to  the  available  reinforcement  force  is  set  by  choosing  a 
maximum  allowable  tensile  strain  in  the  soil  and  then  using 
the  reinforcement  stress  strain  properties  to  determine  the 
reinforcement  force  corresponding  to  this  strain.   The 
design  is  acceptable  If  the  distribution  of  available  rein- 
forcement force  exceeds  that  required  at  every  point  (Fig. 
2.8)  . 

Internal  and  foundation  stability  must  also  be  checked. 
The  former  is  concerned  with  sliding  at  the  sol  1 -re  1 nforce- 
ment interface  and  is  checked  using  Eq.  2.18.   The  latter 
leads  to  lateral  squeezing  of  the  foundation  soils  which  are 
restrained  only  by  the  foundation  sol  1 -rel nforcement  bond 
and  the  shear  strength  of  the  soil.   This  is  checked  using 
the  bearing  capacity  procedures  discussed  above. 

The  advantages  of  Jewell's  method  are  that  the  defini- 
tion of  the  safety  factor  is  consistent  with  accepted  prac- 
tice and  there  Is  a  clear  separation  in  the  analysis  of 
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Figure  2.8   Schematic  view  showing  the  main  design  check 
(Jewel  1 ,  1982). 
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required  and  available  reinforcement  forces.   This  method  is 
recommended  by  Mill Igan  ( 1985) . 

2.2.4.2  Haliburton's  procedure.   Three  failure  modes 
are  considered  in  a  procedure  proposed  by  Hal  I  burton  (1981) 
and  Fowler  (1981),  namely:  horizontal  splitting-spreading, 
rotational  slope-foundation  failure  and  excessive  foundation 
displacement  (Fig.  2.9).   In  the  first  failure  mode  the 
reinforcement  must  be  able  to  resist  the  maximum  lateral 
earth  pressure  as  given  by  Eq.  2.19.   Slipping  at  the 
f i 1 1 /rei nforcement  interface  leads  to  failure  by  spreading. 
The  minimum  required  soi  1 -rei  nforcement  friction  angle  4>  .p 
is  given  by  Eq.  2.18.   Excessive  lateral  deformation  of  the 
embankment  can  also  constitute  failure  by  spreading.   To 
limit  deformations  Haliburton  (1981)  recommends  that  the 
average  strain  in  the  reinforcement  be  less  than  57..   If  the 
distribution  of  reinforcement  strain  is  assumed  to  be  lin- 
ear, varying  from  zero  at  the  toe  to  a  maximum  at  the  cen- 
terline,  the  maximum  allowable  centerline  strain  is  107.  and 
the  reinforcement  should  have  a  minimum  modulus  Ep  given  by 

Ep  =  FR/107.  =  10  FR  (2.20) 

where  F_  is  computed  from  Eq.  2.19. 

The  required  reinforcement  strength  to  prevent  rota- 
tional slope/foundation  failure  is  determined  using 
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conventional  circular  slip  surface  stability  analyses  as 
described  above.   The  most  critical  circle  for  the 
unreinforced  slope  is  located  and  then  the  reinforcing  force 
required  to  obtain  the  desired  safety  factor  Is  calculated. 
It  should  be  noted  that  others  (Broms,  1977;  Jewell,  1982) 
have  found  that  the  critical  surface  for  a  reinforced  and 
unreinforced  slope  are  generally  not  the  same.   It  is 
recommended  that  the  reinforcement  force  be  applied  tangent 
to  the  slip  surface  (Fig.  2.1b). 

2.2.4.3  FHWA  Procedure.   The  Federal  Highway 
Administration  (FHWA)  Geotext i 1 e  Engineering  Manual 
(Christopher  and  Holtz,  1984)  recommends  the  following  five 
steps  for  analysis  of  reinforced  embankment  stability. 
(1)  Check  the  overall  bearing  capacity  using  conventional 
methods  applicable  to  strip  footings.   (2)  Check  the  edge 
bearing  capacity  using  a  modified  circular  arc  stability 
analysis.   (3)  Conduct  a  sliding  wedge  analysis  for  lateral 
spreading.   The  required  reinforcement  force  is  computed 
using  Eq.  2.19  and  sliding  at  the  embankment-fabric  inter- 
face (Eq.  2.18)  should  be  checked.   (4)  Compute  the  geotex- 
tlle  modulus  to  limit  deformations  due  to  lateral  spreading 
and  incipient  circular  arc  failure.   The  required  modulus  is 
the  greater  of  10  times  the  required  reinforcement  forces 
computed  in  steps  2  and  3.   (5)  Determine  the  fabric  proper- 
ties In  the  longitudinal  direction  required  to  resist 
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embankment  bending  and  embankment  edge  loading  during  con- 
struction.  The  former  is  the  same  as  given  by  Eq.  2.19  and 
the  latter  can  be  computed  using  a  circular  arc  analysis 
with  the  embankment  height  equal  to  the  maximum  lift  thick- 
ness plus  the  maximum  height  of  soil  piles  to  be  spread.   In 
addition,  embankment  settlement  should  be  checked  using  con- 
ventional methods  and  consideration  should  be  given  to  fab- 
ric creep.   Christopher  and  Holtz  (1984)  should  be  consulted 
for  further  details. 

2.2.5  Summary 

Limiting  equilibrium  methods  applicable  to  analysis  of 
reinforced  embankments  constructed  on  soft  ground  were 
reviewed.   The  most  common  method  used  in  current  design 
practice  are  slope  stability  methods.   These  require  an 
estimate  of  the  allowable  reinforcing  force  which  is  limited 
by:  (1)  the  reinforcement's  ultimate  tensile  strength;  (2) 
shear  resistance  between  the  reinforcement  and  the  surround- 
ing soil;  and  (3)  the  deformations  which  occur  prior  to 
failure  of  the  foundation  soil.   The  latter  must  be  obtained 
from  experience  or  finite  element  analyses.   The  methods  as- 
sume that  the  normal  stress  on  the  failure  surface  Is 
unchanged  so  presence  of  the  reinforcement  does  not  affect 
frlctlonal  resistance  provided  by  granular  material.   For 
circular  failure  surfaces  there  Is  considerable  controversy 
whether  the  reinforcing  force  should  be  In  the  original 
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direction  of  the  reinforcement,  generally  horizontal,  or 
tangent  to  the  slip  circle. 

Bearing  capacity  methods  that  include  the  effect  of 
Increasing  strength  with  depth  and  limited  thickness  of  soft 
foundation  soils  were  reviewed  and  their  applicability  to 
analysis  of  reinforced  embankments  was  discussed.   Sliding 
within  the  embankment,  slipping  on  the  embankment  fill- 
reinforcement  interface,  and  lateral  splitting  were  also 
identified  as  failure  modes. 

Three  procedures  for  design  of  reinforced  embankments 
were  reviewed.   They  differ  in  detail  but  in  general  employ 
similar  analysis  methods.   The  main  difficulty  In  applying 
any  of  the  procedures  is  estimating  the  allowable  force  in 
the  reinforcement  as  limited  by  the  deformations  prior  to 
failure  of  the  foundation  soils. 

To  improve  reinforced  embankment  design  procedures  this 
study  will  examine:  (I)  the  deformation  and  force  In  the 
reinforcement  when  the  foundation  soils  fall;  (2)  the  change 
in  normal  stress  on  circular  failure  surfaces  caused  by  the 
reinforcement;  and  (3)  orientation  of  the  reinforcing  force 
for  slope  stability  analyses  with  circular  failure  surfaces. 
In  addition,  the  stabilizing  moment  provided  by  the 
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reinforcement  will  be  incorporated  into  a  general  form  of 
simplified  Bishop's  slope  stability  equation. 

2.3  FINITE  ELEMENT  STUDIES  OF  REINFORCED  EMBANKMENT  BEHAVIOR 

The  finite  element  method  (FEM)  has  been  used  by  sev- 
eral Investigators  to  analyze  the  behavior  of  reinforced 
embankments  constructed  on  soft  foundations  (Morgat,  1976; 
Bell,  et  al.,  1977;  Ohta ,  et  al.,  1980;  McGown,  et  a  1., 1981; 
Andrawes,  et  al.,  1980,  1982;  Petri k,  et  al.,  1982;  Boutrup 
and  Holtz,  1982,  1983;  Rowe ,  1982,  1984;  Rowe,  et  al.,  1982, 
1984b;  Rowe  and  Soderman,  1985a,  1985b;  McCarron,  1985). 
Unlike  limiting  equilibrium  methods,  FEM  gives  deformations 
of  the  foundation,  embankment,  and  reinforcement  prior  to 
failure  of  the  foundation  soils  and  complete  collapse.   This 
is  Important  since  an  embankment  may  have  failed  from  a 
functional  point  of  view  due  to  excessive  deformations  even 
though  collapse  has  not  occurred  (Rowe,  et  al.,  1984b).   In 
addition  the  FEM  allows  study  of  variable  foundation  support 
characteristics;  development  of  plastic  zones  In  the  founda- 
tion soils;  stress  distributions  in  the  embankment  and  foun- 
dation; and  the  situations  where  reinforcement  can  be  used 
to  best  advantage. 

In  the  following  paragraphs,  the  general  considerations 
of  FEM  analysis  of  reinforced  embankments  are  summarized  and 
the  methods  used  to  model  the  embankment  and  foundation 
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soils,  reinforcement  and  so  I  1  -  re i nf orcement  interface  are 
given.   This  will  provide  background  information  for  choice 
of  the  FE  procedures  used  In  this  study.   Findings  of  previ- 
ous FEM  analyses  of  reinforced  embankment  behavior  are  then 
reviewed  and  areas  that  require  further  study  are 
ident  i  f i  ed. 

2.3.1  General  Considerations 

Embankments  are  generally  constructed  in  horizontal 
layers.   It  Is  important  to  model  this  process  for  both 
unreinforced  (C lough  and  Woodward,  1967)  and  reinforced 
embankments.   Boutrup  and  Holtz  (1982)  investigated  the 
effect  of  single  lift  versus  multi-lift  construction  for  an 
unreinforced  embankment  on  soft  and  stiff  foundations  for 
both  undrained  and  drained  conditions.   They  found  that  ver- 
tical settlements  beneath  the  center  line  and  horizontal  dis- 
placements at  the  toe  were  greater  for  the  multi-lift  than 
for  the  single  lift  case  for  all  but  an  undrained  stiff 
foundation.   In  some  cases  it  may  be  Important  to  closely 
model  the  field  construction  sequence  In  the  FE  analysis. 
Rowe  (1982)  computed  settlements  that  were  about  107.  less 
when  the  outside  to  inside  construction  sequence  used  in  a 
field  test  embankment  (Hall burton,  et  al.,  1980)  was  modeled 
as  compared  to  construction  In  horizontal  lifts.   Further- 
more, buoyant  unit  weight  must  be  used  for  fill  which  set- 
tles below  the  water  table  (Rowe,  et  al.,  1984b). 
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Large  deformations  often  occur  when  embankments  are 
constructed  on  soft  ground.   These  must  be  accounted  for  to 
properly  model  the  forces  which  develop  in  the  reinforcement 
(Rowe,  et  al . «  1984b)  by  periodically  updating  the  nodal 
coordinates  as  the  embankment  load  is  applied.   Strain  cal- 
culations must  be  based  on  the  updated  embankment  geometry 
using  a  logarithmic  definition  of  strain.   The  relation 
between  engineering  (Lagrangian)  and  logarithmic  strains  is 
clearly  described  in  Boutrup  and  Holtz  (1982),  Section  2.3. 
A  procedure  to  update  nodal  coordinates  was  implemented  in 
the  FE  program  used  in  this  study  by  McCarron  (1985). 
Deformations  also  cause  a  change  In  pore  water  pressure  as 
points  within  the  soil  change  elevation  relative  to  the 
water  table  (Rowe,  et  al.,  1984b)  and  this  may  be  signifi- 
cant if  deformations  are  large. 

Embankment  construction  and  the  resulting  deformations 
and  dissipation  of  excess  pore  pressures  is  a  time  dependent 
process.   However,  most  FEM  analyses  of  reinforced  embank- 
ment behavior  reported  to  date  model  behavior  at  a  given 
point  in  time.   Generally  two  cases  are  analyzed:  end  of 
construction  assuming  no  dissipation  of  pore  pressures  and 
long  term  assuming  drained  conditions.   This  study  considers 
only  the  former.   It  is  common  to  use  a  Po is son's  ratio  of 
about  0.5  to  model  the  undralned  response  of  foundation 
soils  for  the  end  of  construction  case.   An  alternate 
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technique  is  used  In  this  study  which  Imposes  the  stiffness 
of  water  on  the  compressibility  of  the  soil  skeleton 
(Nay lor,  1973;  McCarron,  1985).   This  is  discussed  In  detail 
In  Section  3.5.   This  technique  has  also  been  used  by  Cheung 
(1985)  and  Vaziri  (1985)  to  model  the  behavior  of  o 1 1  sands. 

2.3.2  Behavior  Models  for  Embankment  Fill 

The  embankment  Is  usually  constructed  of  granular  fill. 
The  modulus  and  shear  strength  of  this  material  depends  on 
the  stress  level  and  It  cannot  support  tensile  stresses. 
The  approaches  used  to  represent  embankment  behavior  meet 
these  conditions  to  varying  degrees. 

The  simplest  method  is  to  replace  the  embankment  by  an 
equivalent  load  applied  to  the  ground  surface  (used  by  Ohta, 
et  al.,  1980).   This  neglects  redistribution  of  shear  and 
normal  stresses  at  the  embankment-foundation  contact.   It 
results  In  overest imat ion  of  center  1 i ne  settlements  and  may 
not  produce  realistic  forces  in  the  reinforcement. 

Linear  elastic  models  have  been  used  by  a  few  Investi- 
gators.  Boutrup  and  Holtz  (1982,  1983)  found  that  an 
Isotropic  linear  elastic  model  resulted  In  large  tensile 
stresses  at  the  base  of  the  embankment.   They  concluded  that 
this  model  Is  not  suitable  for  representing  embankment  soil 
behavior.   Similar  results  were  found  by  Greenway  and  Bell 
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(1976).   Bell,  et  al.  (1977)  avoided  tensile  stresses  by 
using  a  linearly  elastic  orthotropic  model  with  a  Poisson's 
ratio  of  zero  and  a  high  vertical  and  low  horizontal  Young's 
modulus.   However,  these  assumptions  reduce  the  calculated 
lateral  movement  of  the  embankment  which  is  significant  to 
development  of  tensile  forces  In  the  reinforcement  (Boutrup 
and  Holtz,  1982) . 

A  nonlinear  incrementally  elastic  hyperbolic  model 
(Duncan  and  Chang,  1970;  Kulhawy  and  Duncan,  1972)  Including 
the  effect  of  a  curved  Mohr-Coulomb  envelope  (Wong  and 
Duncan,  1974)  was  used  by  McGown,  et  a  1 .  (1981)  and 
Andrawes,  et  al.  (1980,  1982).   The  modulus  and  Poisson's 
ratio  are  dependent  on  the  stress  level.   The  model  only 
gave  adequate  predictions  prior  to  the  development  of  local 
fai 1 ure. 

Recent  applications  use  an  elastic-plastic  soil  model 
in  which  the  soil  behaves  elastically  until  Its  shear 
strength  as  defined  by  a  failure  criterion  is  reached  after 
which  it  deforms  plastically.   This  model  does  not  allow 
tensile  stresses  to  develop  In  cohesionless  materials. 
Boutrup  and  Holtz  (1982,  1983)  and  McCarron  (1985)  use  a 
Drucker-Prager  (Drucker  and  Prager,  1952)  failure  envelope 
to  describe  the  soil  strength.   Prior  to  failure  Boutrup  and 
Holtz  (1982,  1983)  took  material  behavior  to  be  linear 
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elastic  and  McCarron  took  It  to  be  nonlinear  elastic  with 
the  bulk  and  shear  moduli  dependent  on  the  stress  level. 
The  latter  procedure  was  used  for  this  study  and  is 
discussed  in  detail  in  Chapter  5. 

Numerous  studies  by  Rowe  (e.g.,  Rowe ,  1982,  1984;  Rowe , 
et  al .i  1984b)  use  a  nonlinear  elastic-plastic  stress  strain 
law.   The  Young's  modulus  E  of  the  soil  is  related  to  the 
stress  level  by  Janbu's  (1963)  equation 

E/Pa  =  K(o^/Pg)n  (2.21) 

where  o'  is  the  effective  minor  principal  stress,  K  and  n 
are    experimentally  determined  parameters,  and  P   is  atmo- 
spheric  pressure  which  Is  used  to  make  the  equation  dimen- 
sionless.   The  effect  of  the  magnitude  of  the  shear  stress 
on  E  was  not  considered.   A  Mohr-Coulomb  failure  criterion 
was  adopted.   His  program  has  provisions  for  a  non- 
associated  flow  rule  proposed  by  Davis  (1968).   A  dllatancy 
angle  of  zero  was  assumed  resulting  In  plastic  deformations 
at  constant  volume  once  the  failure  envelope  is  reached. 

2.3.3  Behavior  Models  for  Foundation  Soil 

Models  for  foundation  soil  behavior  have  varied  from 
linear  elastic  for  earlier  studies  to  nonlinear  elastic- 
plastic,  which  more  accurately  represent  soil  behavior,  for 
recent  studies.   Bell,  et  al .  (1977)  used  a  linear  elastic 
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model  for  a  muskeg  foundation.   Based  on  work  by 
Hollfngshead  and  Raymond  (1972)  the  foundation  was  taken  to 
be  linearly  elastic  up  to  failure  as  defined  by  Its 
undrained  strength  and  then  it  deformed  plastically.   A 
Poisson's  ratio  of  0.25  was  used  so  the  results  Included  an 
unknown  amount  of  drained  settlement. 

McGown,  et  al .  (1981)  and  Andrawes,  et  al.  (1980,  1982) 
used  the  nonlinear  elastic  hyperbolic  model  described  In  the 
previous  section.   Analysis  results  were  compared  with  model 
test  results.   Predicted  and  observed  behavior  diverged 
rapidly  after  the  development  of  local  failure.   This  was 
attributed  to  the  inability  of  the  model  to  account  for 
strain  softening. 

Boutrup  and  Holtz  (1982,  1983)  modeled  the  foundation 
soil  as  a  linearly  elastic  material  within  the  failure  sui — 
face  as  defined  by  the  Drucker-Prager  criterion  and  per- 
fectly plastic  (shear  deformation  at  constant  volume)  on 
that  surface.   This  model  does  not  account  for  nonlinear 
elastic  behavior  or  plastic  strains  which  soft  soils  experi- 
ence prior  to  reaching  failure. 

Rowe  (1984)  and  Rowe,  et  al .  (1984b)  modeled  the 
drained  nonlinear  stress-strain  behavior  of  a  peat  founda- 
tion as  series  of  constrained  moduli  each  valid  over  a  given 
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range  of  stress.   Rowe  (1982)  and  Rowe  and  Soderman  (1985a) 
use  one  modulus  valid  for  all  stresses.   A  constant 
Polsson's  ratio  was  then  used  to  calculate  the  drained 
Young's  modulus.   A  Mohr-Coulomb  failure  criterion  based  on 
drained  or  undrained  strength  parameters  and  the  non-associ- 
ated flow  rule  proposed  by  Davis  (1968)  were  used  with  a 
dllatancy  angle  of  zero.   Pore  water  pressures  for  the  end 
of  construction  case  with  drained  strength  parameters  were 
estimated  using  an  empirical  pore  pressure  parameter  chosen 
based  on  experience.   Pore  water  pressures  for  the  long  term 
case  are  determined  by  the  static  pore  pressure  due  to 
ground  water.   Reasonable  results  have  been  obtained  with 
this  procedure  but  it  does  not  account  for  plastic  strains 
which  occur  prior  to  reaching  the  Mohr-Coulomb  failure 
cr iter  ia. 

Ohta,  et  al.  (1980)  used  a  version  of  the  Cam-clay 
model  (Schofield  and  Wroth,  1968)  modified  to  Include  a  non- 
associated  flow  rule  which  accounts  for  anisotropic  behavior 
and  rotation  of  principal  stresses;  however,  few  details  of 
the  analyses  were  presented. 

McCarron  (1985)  modeled  foundation  soil  behavior  with  a 
non-linear  elastic-plastic  Isotropic  work-hardening  cap 
model.   It  uses  a  Drucker-Prager  ultimate  failure  surface 
and  an  elliptical  end  cap.   The  model  accounts  for 
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non-linear  elastic  behavior  and  plastic  deformations  prior 
to  reaching  the  ultimate  failure  surface.   This  model  was 
adopted  for  this  study  and  is  discussed  in  detail  In  Chapter 
3. 

2.3.4  Reinforcement  Model 

The  reinforcement  is  generally  modeled  as  a  material 
capable  of  sustaining  axial  tension  but  with  negligible 
flexural  stiffness.   This  closely  represents  actual  rein- 
forcement behavior.   For  many  types  of  reinforcement  at 
working  stress  levels  the  stress  strain  behavior  is  nearly 
linear  so  it  is  reasonable  to  approximate  it  as  linear  elas- 
tic (Rowe,  1982,  1984;  Boutrup  and  Holtz,  1982,  1983; 
McCarron,  1985).   If  necessary  the  reinforcement's  nonlinear 
elastic  stress-strain  curve  can  be  modeled  by  a  series  of 
straight  lines  each  valid  for  a  given  range  of  strain  (Bell, 
et  al.,  1977;  Rowe,  et  al.,  1984b).   Andrawes,  et  al.  (1980, 
1982)  used  a  polynomial  function  to  represent  the  nonlinear 
stress  strain  curve 

2       3 
P   =  Ao  =  a  e  +  a_e   +  a3e   +  (2.22) 

where     A  =  cross  sectional  area   of  reinforcement 
o  =  stress  In  reinforcement 
c  =  axial  strain  In  reinforcement 

a.,  a_,  a_,  ...  =  constants  determined  by  a  least 

squared  fitting  technique 
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A  hyperbolic  curve  fitting  procedure  (Duncan  and  Chang, 
1970)  was  used  by  El-Fermaout  and  Nowatzki  (1982). 

A  different  approach  was  used  by  Ohta,  et  a  1 .  (1980). 
They  replaced  the  reinforcement  by  a  layer  of  finite  thick- 
ness (0.5m  to  1.2m  in  their  examples)  with  a  linear  elastic 
Young's  modulus  and  a  Poisson's  ratio  of  0.3.   This  tech- 
nique may  produce  misleading  results  since  the  layer  would 
have  significant  flexural  stiffness  unlike  most  geotextile 
and  geogrid  reinforcement. 

2.3.5  Soi 1 -Rei nforcement  Interface 

Several  methods  are  used  to  model  the  behavior  at  the 
soi 1 -rei nforcement  interface.   One  approach  is  to  assume 
that  no  relative  movement  occurs  at  the  interfaces  between 
the  reinforcement  and  soil  above  and  below  it.   This  method 
is  reasonable  provided  the  shear  stresses  do  not  exceed  the 
shear  strength  at  the  interface  or  if  the  interface  shear 
strength  is  greater  than  or  equal  to  the  shear  strength  of 
the  soil.   These  requirements  are  satisfied  in  many 
instances  and  this  approach  was  taken  by  Bell,  et  al  . 
(1977),  Ohta,  et  al.  (1980),  Boutrup  and  Holtz  (1982,  1983), 
and  McCarron  (1985)  and  was  used  for  this  study. 

Rowe  (1982,  1984)  and  Rowe ,  et  al.  (1982,  1984b)  made 
provision  for  slip  (tangential  displacement  between  the  soil 
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and  reinforcement)  at  the  Interfaces  above  and  below  the 
reinforcement.   It  was  assumed  that  no  relative  movement 
occurred  until  the  shear  strength  as  defined  by  the  Mohr- 
Coulomb  failure  criteria  was  exceeded  after  which  slip 
occurred.   However,  a  sol  1 -geotext 1 1 e  friction  angle  equal 
to  the  fill  friction  angle  was  used  so  no  slip  was  observed. 

Andrawes,  et  a  1 .  (1980,  1982)  and  McGown,  et  al.  (1981) 
used  a  special  soi 1 -re i nforcement  interface  element.   They 
assumed  that  interface  behavior  was  purely  frictlonal.   It 
was  represented  by  a  pair  of  springs  of  zero  length,  one 
oriented  parallel  and  the  other  perpendicular  to  the  inter- 
face, connecting  the  soil  node  to  the  adjacent  reinforcement 
node.   Contact  between  the  soil  and  reinforcement  was  main- 
tained by  assigning  a  very  high  stiffness  to  the  spring  per- 
pendicular to  the  interface.   Relative  displacement  between 
the  soil  and  reinforcement  is  controlled  by  the  stiffness  of 
the  spring  parallel  to  the  boundary  which  was  represented  by 
a  nonlinear  elastic  hyperbolic  model  and  dependent  on  the 
normal  stress. 

2.3.6  FE  Studies  of  the  Influence  of  Reinforcement 

Applications  of  the  FEM  and  the  conclusions  drawn  from 
these  studies  on  the  Influence  of  reinforcement  are  summa- 
rized in  this  section. 
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Morgat  (1976)  used  the  FEM  to  study  the  behavior  of 
embankments  on  soft  foundations.   The  effect  of  a  dry  sur- 
face crust  and  tensile  reinforcement  at  the  base  of  the 
embankment  were  considered.   Reinforcement  eliminated  ten- 
sile stresses  within  the  embankment  and  increased  the  over- 
all safety  factor  against  Instability  by  as  much  as  207.. 

Bell,  et  al.  (1977)  analyzed  a  4.5-ft  high  geotext 1 1 e 
reinforced  test  embankment  constructed  on  a  foundation  of 
very  soft  muskeg.   The  effects  of  normal  traffic  and  con- 
struction period  live  loads,  and  weak  and  strong  geotext i 1 es 
were  considered.   Reinforcement  was  predicted  to  have  very 
little  effect  on  computed  deflections.   In  contrast,  the 
geotext ile  had  a  very  large  influence  on  deflections  mea- 
sured in  the  field. 

The  effect  of  reinforcement  on  undrained  and  drained 
deflections  of  an  embankment  on  a  soft  clay  foundation  5  to 
20m  thick  was  studied  by  Ohta,  et  a  1 .  (1980).   Their  study 
considered  undrained  loading  followed  by  time  dependent  dis- 
sipation of  construction  pore  pressures.   Computed  settle- 
ments and  horizontal  displacements  beneath  the  toe  were 
reduced  by  reinforcement  but  the  effects  were  greatest  at 
the  end  of  undrained  loading.   However,  the  reinforcement 
was  represented  by  a  layer  with  flexural  stiffness  (as  noted 
In  Section  2.3.4)  making  Interpretation  of  the  significance 
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of  the  results  difficult.   Computed  consolidation  settle- 
ments were  compared  with  data  from  a  field  trial  but  agree- 
ment was  only  fair. 

Investigators  at  the  University  of  Strathclyde 
(Andrawes,  et.  al.,  1980,  1982;  McGown,  et  al.,  1981)  com- 
pared results  from  FEM  analyses  with  measurements  made  on 
model  tests  of  reinforced  embankments  on  an  elastic  founda- 
tion and  of  footings  on  a  reinforced  sand.   They  considered 
multiple  layers  of  reinforcement  and,  in  the  case  of  embank- 
ments, the  effect  of  inclining  the  reinforcement  upward  near 
the  embankment  slope  so  that  it  would  be  parallel  to  lines 
of  maximum  extension.   FEM  predictions  of  deformations  of 
the  model  were  in  good  agreement  prior  to  the  development  of 
local  failure.   Principal  strains,  maximum  shear  strains, 
volumetric  strains  and  directions  of  principal  strains  were 
only  in  fair  agreement.   Reinforcement  reduced  horizontal 
displacements  and  differential  settlement  at  the  embankment 
base,  and  shear  strains  within  the  embankment. 

Rowe  has  used  his  FEM  program  to  study  two  case  histo- 
ries, Pinto  Pass  (Rowe,  1982;  Rowe,  et  al.,  1982)  and 
Bloomington  Side  Road  (Rowe,  1984;  Rowe,  et  al.,  1984b),  and 
to  develop  design  charts  (Rowe,  et  al.,  1982;  Rowe,  1984; 
Rowe  and  Soderman,  1985a,  1985b).   He  found  that  the  geotex- 
tile  had  little  effect  on  vertical  settlements  but  lateral 
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spreading  was  significantly  reduced  and  stability  was 
increased.   The  effect  became  more  important  as  the  extent 
of  local  plastic  zones  increased  (i.e.  safety  factor 
reduced).   Extremely  large  deformations  may  be  required  to 
develop  sufficient  tensile  forces  in  reinforcement  with  low 
to  moderate  stiffness.   The  geotextile  at  the  edge  of  the 
embankment  was  predicted  to  be  unstressed.   The  effect  of 
fill  stiffness  was  found  to  be  small.   He  Investigated  sev- 
eral combinations  of  foundation  strength  and  modulus  and  was 
able  to  obtain  good  agreement  with  observed  field  perfor- 
mance for  some  cases.   Rowe  and  Soderman  (1985a)  found  that 
failure  occurred  before  the  ultimate  tensile  strength  of 
typical  reinforcement  is  reached. 

Boutrup  and  Holtz  (1982,  1983)  analyzed  the  test 
embankment  described  by  Bell,  et  al.  (1977).   Undrained  and 
drained  response  and  the  effect  of  live  loads  were  investi- 
gated.  Reinforcement  reduced  shear  stresses  in  the  founda- 
tion and  vertical  differential  settlements  of  the  top  of  the 
embankment.   The  benefit  of  reinforcement  was  greater  for 
the  undrained  case  and  decreased  as  the  strength  of  the 
foundation  Increased.   High  modulus  geotextile  has  the 
largest  effect.   Multiple  layers  of  reinforcement  were 
Investigated  and  It  was  found  that  for  maximum  benefit  the 
reinforcement  should  be  placed  as  close  as  possible  to  the 
base  of  the  embankment. 
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McCarron  (1985)  used  the  FEM  with  the  CAP  model  to  ana- 
lyze drained  behavior  of  an  instrumented  reinforced  embank- 
ment constructed  on  a  peat  foundation  (Rowe,  1984;  Rowe,  et 
al . ,  1984a).   Computed  center  line  settlements  were  not 
greatly  affected  by  assumed  embankment  behavior.   Single 
versus  multi-step  construction  and  an  embankment  with  an 
infinite  transverse  stiffness  were  investigated.   The  rein- 
forcement provides  the  greatest  benefit  when  located  close 
to  the  foundation  surface.   The  effect  of  an  initial  slack 
in  the  reinforcement  was  examined.   Agreement  between  calcu- 
lated results  and  field  observations  was  reasonable. 
McCarron  (1985)  also  made  a  parametric  study  of  reinforced 
embankment  behavior  but  the  choice  of  cap  model  parameters 
and  details  of  the  analysis  procedure  makes  interpretation 
of  the  findings  difficult.   This  is  discussed  in  detail  in 
Chapter  5. 

2.3.7  Summary 

Finite  element  procedures  for  modeling  reinforced 
embankment  behavior  were  described.   Incremental  construc- 
tion and  large  deformations  must  be  accounted  for  in  the 
analysis.   Elastic-plastic  models  such  as  the  cap  model  give 
the  most  realistic  representation  of  embankment  and  founda- 
tion soil  behavior.   The  reinforcement  stress  strain  behav- 
ior can  be  represented  by  a  piecewlse  linear  approximation 
but  for  many  cases  a  linear  approximation  is  adequate. 
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Allowing  no  relative  movement  at  the  so i 1 -re f nforcement 
interface  Is  reasonable  If  the  shear  stress  Is  less  than  the 
Interface  strength  or  If  the  Interface  strength  equals  the 
soil  strength.   Special  procedures  may  be  required  to  allow 
for  slip  at  the  interface  if  the  interface  strength  is  less 
than  the  soil  strength. 

Results  from  the  analyses  show  that  reinforcement 
reduces  shear  stresses  and  lateral  deformations  in  the  foun- 
dation soils  and  increases  embankment  stability.   There  is 
little  effect  on  vertical  settlements.   Reinforcement 
reduces  tensile  strains  In  the  embankment.   The  benefit  from 
reinforcement  increases  as  the  strength  of  the  foundation 
decreases  and  the  reinforcement  modulus  increases. 

The  FEM  analyses  performed  for  this  study  address  some 
of  the  limitations  of  previous  studies.   Most  of  the  previ- 
ous studies  did  not  consider  the  effect  of  a  dried  surface 
crust  or  increasing  strength  and  modulus  with  depth  in  the 
foundation  soils.   This  will  be  examined  and  special  empha- 
sis will  be  given  to  the  effect  of  reinforcement  on  stresses 
In  the  embankment  and  foundation  and  the  reinforcement  force 
when  embankment  failure  occurs.   FEM  results  will  be  used  to 
check  some  of  the  assumptions  made  in  limiting  equilibrium 
analyses.   The  special  problem  of  widening  and  raising  the 
grade  of  existing  embankments  will  also  be  studied. 
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2.4  REINFORCED  EMBANKMENTS  -  A  REVIEW  OF  CASE  HISTORIES 

2.4.1  Introduction 

Many  case  histories  of  reinforced  embankments  con- 
structed on  soft  foundations  have  been  reported  in  the  lit- 
erature.  The  reinforcement  placed  at  the  base  of  the 
embankment  is  typically  one  or  more  layers  of  geotextile  or 
geogrid.   It  provides  a  stabilizing  effect  and  increases  the 
safety  factor  against  slope  instability..  This  review  summa- 
rizes 40  cases  with  embankment  heights  greater  than  1  m.   It 
expands  on  a  summary  prepared  by  Milligan  (1985)  and  an  ear- 
lier review  by  Boutrup  and  Holtz  (1982).   Holtz  (1982)  lists 
three  criteria  for  a  useful  case  history.   They  are  a 
detailed  description  of  (1)  a  non-conventional  approach  to 
the  problem;  (2)  the  design  assumptions;  and  (3)  verifica- 
tion of  the  design  assumptions.   Verification  can  be  either 
quantitative  or  qualitative.   Unfortunately  few  of  the  cases 
reviewed  satisfy  these  criteria  completely. 

The  case  histories  are  discussed  under  the  following 
categories  based  on  reinforcement  type:  nonwoven  (low  modu- 
lus) geotextiles,  woven  (high  modulus)  geotextiles,  geogrid 
mattresses,  and  geotextiles  used  for  embankment  widening. 
Data  on  foundation  conditions,  embankment  geometry,  instru- 
mentation and  reinforcement  Is  given  in  Table  2.2.   In  12 
cases  companion  reinforced  and  unrelnforced  sections  were 
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2.4  REINFORCED  EMBANKMENTS  -  A  REVIEW  OF  CASE  HISTORIES 

2.4.1  Introduction 

Many  case  histories  of  reinforced  embankments  con- 
structed on  soft  foundations  have  been  reported  in  the  lit- 
erature.  The  reinforcement  placed  at  the  base  of  the 
embankment  is  typically  one  or  more  layers  of  geotextile  or 
geogrid.   It  provides  a  stabilizing  effect  and  increases  the 
safety  factor  against  slope  instability..  This  review  summa- 
rizes 40  cases  with  embankment  heights  greater  than  I  m.   It 
expands  on  a  summary  prepared  by  Milligan  (1985)  and  an  ear- 
lier review  by  Boutrup  and  Holtz  (1982).   Holtz  (1982)  lists 
three  criteria  for  a  useful  case  history.   They  are  a 
detailed  description  of  (1)  a  non-conventional  approach  to 
the  problem;  (2)  the  design  assumptions;  and  (3)  verifica- 
tion of  the  design  assumptions.   Verification  can  be  either 
quantitative  or  qualitative.   Unfortunately  few  of  the  cases 
reviewed  satisfy  these  criteria  completely. 

The  case  histories  are  discussed  under  the  following 
categories  based  on  reinforcement  type:  nonwoven  (low  modu- 
lus) geotextiles,  woven  (high  modulus)  geotextiles,  geogrid 
mattresses,  and  geotextiles  used  for  embankment  widening. 
Data  on  foundation  conditions,  embankment  geometry.  Instru- 
mentation and  reinforcement  is  given  in  Table  2.2.   In  12 
cases  companion  reinforced  and  unrelnforced  sections  were 


Tab  1 e  2 . 2 
Summary  of  case  histories. 
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LEGEND: 

SOIL  TYPE      EhenT  TYPE 
C   =  clay   jgeogrid 
Fd  =  dredged!nonwoven  geotextile 
H   =  silt   steel  iesh 
Org  =  organic  woven  geotextile 
Pt  =  peat 
S   =  sand   f0RCE  &  STRAIN 

lie  force  &  strain  teasured 
HAX.  THICK.    lalculated  in  reinforcement 
maxinua  thick) 

•ECIAL  MEASURES 
DEPTH  TO  HT    stabilizing  bens 
depth  to  wate(sand  or  wick  drains 
+  =  site  suWljght  wejght  fj|| 
r  depth  toisupported  by  piles 
'jstaged  construction 
enbanknent  widening 


site  sub 


Table    2.2 
Cont  i  nuecl. 
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LEGEND: 

SOIL  \m 

C      =  clay 

Fd    =  dredged  fill 

H      =  silt 

Org  =  organic  soil 

Pt  =  peat 

S  =  sand 

MAX.  THICK. 


naxlnui  thickness  of  soft  foundation  soil  (0.) 

DEPTH  TO  NT 

depth  to  water  table 

+  =  site  subaerged  under  depth  of  water  indicated 
-  =  depth  to  water  table  below  ground  surface 
"  =  site  subjected  to  tidal  inundation 


c  =  undrained  foundation  strength 
u 

WIDTH  AT  HID  HT. 

width  measured  at  aid-height  of  eabanknent  (B) 

HEIGHT  (H) 

height  of  reinforced  eabankient  and  coapanion 
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1  =  embankment  failed  at  height  shown 


YH/c 


bearing  capacity  factor  (N  ) 

y  =  unit  weight  of  fill;  assumed  to  be  18  kN/i 
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C  =  clay 
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tensile  force  I  strain  aeasured 
or  calculated  in  reinforceaent 

OTHER  SPECIAL  HEASURES 
B  -   stab i I izing  beras 
D  =  sand  or  wick  drains 
LF  =  light  weight  fill 
P  =  supported  by  piles 
SC  =  staged  construction 
U  =  eabanknent  widening 
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constructed.   For  some  cases,  particularly  those  using  light 
weight  nonwoven  geotextiles,  the  fabric  functioned  mainly  to 
separate  the  fill  and  foundation  soils  and  the  reinforcing 
effect  was  small.   These  cases  are  included  to  illustrate 
the  behavior  observed  for  a  full  range  of  embankment  heights 
and  reinforcement  properties.   In  the  last  section,  rela- 
tions between  the  observed  height  of  reinforced  embankments 
at  failure  and  foundation  shear  strength  and  between  the 
bearing  capacity  factor  and  normalized  embankment  width  are 
examined  and  compared  to  available  bearing  capacity 
theor  i  es . 

2.4.2  Embankments  Reinforced  with  Nonwoven  Geotextiles 

Case  histories  from  seven  embankments  reinforced  with 
low  modulus,  nonwoven  geotextiles  were  reviewed.   The  first 
Is  a  low  (1.4  m  high)  haul  road  embankment  on  a  peat  founda- 
tion described  by  Greenway  and  Bell  (1976)  and  Bell,  et  al. 
(1977)  [Case  1]*.   Reinforced  and  unreinforced  sections  were 
constructed.   They  reported  that  the  reinforcement  reduced 
heave  In  front  of  the  advancing  fill  and  reduced  Intrusion 
of  the  fill  Into  the  foundation.   This  resulted  in  a  281 
savings  in  fill  volume.   A  double  fabric  thickness  did  not 
cause  further  Improvement  In  embankment  behavior.   Fabric 
strains  were  less  than  5%  when  measured  three  days  after 


« 

Refers  to  case  history  reference  number  In  Table  2.2, 
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construction  but  had  Increased  to  greater  than  507.  when  mea- 
sured three  months  later.  A  finite  element  analysis  of  this 
embankment  was  made  by  Boutrup  and  Holtz  (1982,1983). 

A  low  fill  constructed  for  a  haul  road  using  seven 
brands  of  nonwoven  geotextile  was  described  by  Steward,  et 
al .  (1977)  [Case  2].   Two  sections  were  constructed  with 
each  fabric  and  there  were  unreinforced  control  sections. 
The  foundation  shear  strength  was  not  given  but  its  CBR  was 
less  than  0.1.   Settlement  occurred  rapidly  and  had  magni- 
tudes up  to  0.15  m;  however,  no  strain  was  measured  in  the 
fabr  ic. 

A  1-m  high  test  fill  founded  on  0.6  m  of  peat  overlying 
loose  sands  and  soft  clays  was  described  by  Cragg  (1980) 
[Case  3].   The  section  reinforced  with  a  nonwoven  geotextile 
was  successfully  constructed  however  an  unreinforced  section 
failed.   Cragg  (1980)  estimated  that  use  of  reinforcement 
was  20%  cheaper  than  removal  of  the  soft  soils. 

A  test  embankment  on  a  peat  foundation  was  constructed 
as  part  of  a  highway  project  in  Africa  (Bellonl  and 
Sembenelli,  1977)  [Case  4].   Geotextile  reinforcement  and 
wide  stabilizing  berms  were  employed.   They  reported  that 
the  reinforcement  reduced  lateral  spreading,  pore  pressure 
buildup  In  the  foundation,  and  long  term  settlement.   The 
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last  observation  fs  contrary  to  the  findings  of  most  other 
invest  i  gators . 

An  embankment  on  13-17  m  of  compressible  soils  was 
described  by  Olivera  (1982)  [Case  5].   The  fill  height  in 
Table  2.2  includes  a  1  m  surcharge.   A  test  section  with  a 
nonwoven  fabric  placed  at  Its  base  showed  less  heave  at  the 
toe  of  the  embankment  and  less  differential  settlement  than 
a  similar  unreinforced  section.   Furthermore,  Intrusion  of 
the  fill  into  the  foundation  was  reduced  resulting  In  a  501 
savings  in  fill  volume.   However,  the  geotextile  had  no  ef- 
fect on  time  dependent  settlement.   The  fill  was  placed 
working  outward  from  the  center  line. 

Two  cases  of  unsatisfactory  embankment  performance  were 
reported  by  Fowler  and  Haliburton  (1980).   The  first  was  a 
1 . 5-m  high  embankment  constructed  in  Brunswick,  Georgia 
[Case  6].   The  fabric  was  unrolled  parallel  to  the  axis  of 
the  embankment  and  overlapped  1  m  at  the  joints.   The 
embankment  failed  due  to  lateral  spreading  which  apparently 
pulled  the  fabric  apart  at  the  overlaps.   The  second  was 
located  at  Swan  Lake,  Mississippi  [Case  7].   The  embankment 
spread  laterally  12  hours  after  construction  was  completed. 
Subsequent  Investigations  showed  that  2.5  m  of  settlement 
had  occurred  and  that  the  fabric  had  stretched  36%  but  had 
not  ruptured.   They  concluded  that  the  fabric  modulus  was 
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too  low.   Fabric  that  was  folded  over  the  first  lift  of  fill 
at  the  toe  of  the  slope  was  not  tensloned. 

2.4.3  Embankments  Reinforced  with  Woven  Geotextiles 

One  of  the  first  uses  of  a  strong,  high  modulus  rein- 
forcement placed  at  the  base  of  an  embankment  was  reported 
by  Kerisel  (1973;  see  also  Jewell,  1982)  [Case  8].   The 
reinforcement  was  a  steel  mesh  that  also  protected  sand 
drains  in  the  foundation  from  a  dumped  rockfill.   Slips 
occurred  in  some  areas  which  were  then  reinforced  with  two 
additional  layers  of  mesh. 

Woven  geotextiles  were  successfully  used  to  carry  the 
lateral  forces  imposed  by  highway  embankments  supported  on 
piles  [Case  9].   The  foundation  soil  was  sensitive  clay. 
Holtz  (1975)  and  Holtz  and  Massarsch  (1976)  discussed  the 
measurements  made  at  these  sites.   Reinforcement  appeared  to 
reduce  horizontal  movements. 

A  series  of  test  embankments  reinforced  with  woven  geo- 
textiles were  constructed  in  the  Netherlands.   Most  of  the 
embankments  were  wel 1  instrumented  and  had  companion  unre in- 
forced  sections.   The  first  was  built  near  Zevenhoven  in 
1974  (Van  Leeuwen  and  Volman,  1976)  [Case  10].   Reinforced 
and  unreinforced  embankments  were  constructed  to  a  height  of 
3  m  directly  on  the  grass  covered  ground  surface.   The 
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reinforced  embankment  settled  more  than  the  unrelnforced 
section  but  neither  showed  any  signs  of  Instability.   It  was 
concluded  that  the  root  mat  provided  significant 
re  i  nf orcement . 

A  second  pair  of  embankments  were  constructed  at  the 
Zevenhoven  site  the  following  year  (Volman,  et  al.,  1977; 
Van  Leeuwen  and  Volman,  1976)  [Case  11].   Based  on  experi- 
ence from  the  first  trial,  the  root  mat  was  removed  prior  to 
fill  placement.   Reinforced  and  unreinforced  embankments 
failed  at  heights  of  4.5  m  and  3.5  m,  respectively.   Again 
settlement  was  greater  for  the  reinforced  embankment.   Geo- 
text i 1 e  strains  varied  from  10-157.  beneath  the  center  line  to 
on  1 y  a  few  percent  under  the  toe.   Brake  1,  et  al.  (1982) 
calculated  that  the  reinforcement  increased  the  safety  fac- 
tor by  only  5-107.  compared  to  a  297.  increase  observed  in  the 
field  trial . 

A  pair  of  8-m  high  test  embankments  were  built  using 
staged  construction  near  Muiderberg,  Netherlands  (Volman,  et 
al.,  1977)  [Case  12].   More  settlement  was  observed  in  the 
unreinforced  section.   Fabric  strains  were  less  than  107.  and 
may  even  have  been  less  than  27..   These  low  values  were 
attributed  to  the  flat  side  slopes. 
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Several  test  sections  Incorporating  six  different  woven 
and  nonwoven  fabrics  and  an  unrelnforced  control  section 
were  constructed  near  Harmelen,  Netherlands  In  1976  (Brakel , 
et  al.,  1982)  [Case  13].   It  was  planned  to  raise  the  em- 
bankment to  2.5  m  In  one  step,  however,  this  resulted  In 
loss  of  stability.   No  significant  difference  was  observed 
between  reinforced  and  unrelnforced  sections.   Fowler  (1982) 
gives  a  more  detailed  discussion  of  one  of  these  embankments 
[Case  14]  reinforced  with  a  woven  fabric  which  failed  at  a 
height  of  2.5  m.   The  fabric  strain  was  201  measured  at  a 
point  not  located  on  the  failure  surface.   The  torn  fabric 
was  observed  to  be  tangent  to  the  slip  surface  In  an  excava- 
tion made  after  the  failure. 

A  well  documented  case  history  located  near  A 1  mere, 
Netherlands  was  described  by  Brakel,  et  al.  (1982)  [Case 
15].   Companion  embankments,  one  reinforced  using  a  high 
strength  woven  fabric  (tensile  strength  of  about  200  kN/m) 
and  the  other  unrelnforced,  failed  at  heights  of  4.8  m  and 
3.8  m,  respectively.   The  heights  Include  a  2-m  deep  ditch 
excavated  at  the  embankment  toe.   An  excavation  Into  the 
failed  embankment  showed  that  the  reinforcement  had  torn. 

Brakel,  et  al .  (1982)  gives  a  brief  description  of  a 
test  embankment  located  near  Cuxhaven,  West  Germany 
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[Case  16].   The  small  force  in  the  geotext 1 1 e  was  attributed 
to  low  construction  pore  pressures  and  flat  side  slopes. 

A  woven  geotext ile  was  used  to  reinforce  two  embank- 
ments founded  on  soft  organic  soils  (Quast,  1983)  [Cases  17 
and  18].   Wick  drains  were  employed  to  speed  consolidation 
of  the  foundation.   The  rate  of  load  take-up  in  the  fabric 
increased  with  the  applied  load.   Fabric  strains  generally 
increased  with  time  and  a  maximum  value  of  4.5%  occurred  at 
the  embankment  center  line.   Horizontal  displacements  were 
small  and  no  heave  was  observed  at  the  embankment  toe. 

One  of  the  first  well  documented  cases  in  the  United 
States  of  an  embankment  reinforced  with  a  woven  geotext ile 
was  the  Pinto  Pass  test  section  (Haliburton,  et  al.,  1978; 
Fowler  and  Haliburton,  1980;  Fowler,  1981;  Fowler,  1982) 
[Case  19].   Four  brands  of  woven  fabric  were  used:  Nicolon 
66475,  Nicolon  66186,  Polyf liter  X  and  Advance  Type  1.   A 
typical  cross  section  and  construction  sequence  Is  shown  in 
Fig.  2.10.   The  leading  edge  of  the  fill  was  maintained  in  a 
"U-shape"  with  the  mouth  of  the  U  pointing  outward  and  fill 
placement  proceeded  from  the  outside  edges  working  Inward. 
The  outside  edges  were  kept  higher  than  the  center.   This 
was  believed  to  keep  the  fabric  in  tension,  making  better 
use  of  the  fabric's  tensile  strength  and  resulting  In 
greater  reinforcement.   The  final  embankment  height  was 
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about  2.1  m.   Fabric  folded  over  the  first  lift  of  fill  at 
the  embankment  toe  was  observed  to  be  untensioned.   The 
reinforcement  maintained  stability  even  though  the  safety 
factor  based  on  classical  bearing  capacity  theory  (Terzaghl 
and  Peck,  1967)  was  0.4  to  0.6.   Rowe  (1982)  presented  a 
finite  element  analysis  of  the  embankment. 

Reinforcement  was  used  in  conjunction  with  wick  drains, 
light  weight  fill  and  staged  construction  to  build  a  test 
fill  and  an  approach  embankment  on  San  Francisco  Bay  mud  for 
the  Dumbarton  Bridge  (Hannon,  1982;  Hannon  and  Walsh,  1982) 
[Cases  20  and  21,  respectively].   They  were  designed  to  have 
an  after  settlement  height  of  3.7  m.   Both  woven  and  nonwo- 
ven  fabrics  were  used  in  the  test  fill  but  a  woven  fabric 
was  chosen  for  the  main  embankment.   A  sample  of  fabric 
excavated  from  the  test  fill  one  year  after  construction 
showed  no  loss  of  strength.   It  was  estimated  that  the  fab- 
ric increased  the  safety  factor  for  slope  stability  by  107.. 
The  failure  of  one  portion  of  a  retaining  dike  was 
attributed  to  an  excessive  fill  placement  rate.   It  was 
speculated  that  the  geotextile  failed  at  a  sewn  longitudinal 
seam. 

Test  embankments  were  constructed  on  very  soft  dredged 
fill  at  the  Craney  Island  Disposal  Area  (Fowler,  1985).   Two 
reinforced  sections,  one  on  an  area  with  a  dried  crust 
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[Case  22]  and  the  other  with  no  crust  [Case  23],  were 
constructed  to  the  design  height  of  3.4  m  but  a  third 
section  on  very  soft  fill  with  no  crust  [Case  24]  failed  at 
a  height  of  2.4  m.   Previous  attempts  to  construct 
unreinforced  embankments  had  been  unsuccessful. 

Woven  fabric  was  used  to  reinforce  an  embankment 
constructed  on  peat  for  a  new  tax  I  way  at  the  Duluth 
International  Airport  (Gale  and  Henderson,  1984)  [Case  25]. 
Fig.  2.11  shows  a  typical  cross  section.   The  fabric  was 
pretensioned  prior  to  fill  placement  to  eliminate  wrinkles. 
It  was  pul led  taut  by  hand  and  then  weighted  down  with 
pieces  of  rock.   The  rocks  were  removed  as  the  first  lift  of 
fill  was  placed  (S.  Gale,  1986,  personal  communication).   A 
1.8  m  surcharge  was  added  to  reduce  the  time  required  for 
consolidation  and  is  included  in  the  fill  height  fn  Table 
2.2.   Performance  was  satisfactory  even  though  excess  pore 
pressures  were  high  and  about  1  m  of  settlement  occurred. 

Test  fills  founded  on  fibrous  peat  were  built  at  two 
sites  In  northern  Ontario  (Lupien,  et  al.,  1983)  [Cases  26 
and  27].   Additional  soil  properties  are  given  fn  Lefebvre, 
et  al.  (1984)  and  Lupien,  et  al .  (1981).   The  fill  material 
was  a  wet  till  composed  of  sllty  sand  with  some  gravel. 
High  foundation  pore  pressures  were  transmitted  to  the  fill 
causing  loss  of  strength  at  unreinforced  sections  of  the 
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Figure  2.11   Cross  section  of  taxlway,  showing  geotextlle  1n 
place,  Duluth  International  Airport  [Case  25]. 
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NBR-3  site.   These  sections  were  excavated  and  reinforced 
with  geotextlle  placed  at  the  mid-height  of  the  embankment. 
Significant  lateral  displacement  and  heave  were  observed  at 
the  NBR-2  site  for  both  the  reinforced  and  unrelnforced  sec- 
tions.  It  was  assumed  that  the  geotextlle  failed  since 
strains  of  40-65%  were  inferred  which  were  well  In  excess  of 
the  fabric's  elongation  at  break  of  about  20%.   The  NBR-3 
site  had  a  stronger  foundation  and  similar  problems  were  not 
observed. 

A  low  embankment  on  peat  located  near  Manchester, 
Ontario  was  reinforced  with  two  brands  of  woven  and  two 
brands  of  nonwoven  geotextlle  (Barsvary,  et  al . ,  1982; 
Cragg,  1980)  [Case  28].   All  the  fabrics  performed  well  and 
effectively  separated  the  foundation  soil  from  the  fill. 
The  reinforcing  effect  may  have  been  small.   Fabric  strains 
peaked  a  few  days  after  construction  and  then  decreased  with 
time.   Geotextlle  samples  taken  one  year  after  construction 
had  lost  25  to  36%  of  their  strength. 

A  highway  embankment  for  Bloomington  Side  Road  was 
built  using  staged  construction  with  two  brands  of  woven 
fabric  (Barsvary,  et  al.,  1982;  Rowe,  1984;  Rowe,  et  al., 
1984a,  1984b)  [Case  29].   The  fabric  was  placed  on  a  gravel 
working  pad  that  was  up  to  1  m  thick.   The  embankment  was 
well  Instrumented  as  shown  in  Fig.  2.12.   The  reinforcement 
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appeared  to  have  little  effect  since:  (1)  large  settlements 
and  lateral  deformations  were  observed;  and  (2)  mud  waves 
and  tension  cracks  developed  at  the  edge  of  the  fill.   The 
foundation  had  gained  little  strength  60  days  after  the  end 
of  the  first  stage  of  construction  and  geotextlle  strains 
decreased  with  time.   The  geotextlle  at  the  edge  of  the 
embankment  appeared  to  be  unstressed  so  anchoring  the  fabric 
by  folding  It  back  over  the  first  lift  of  fill  was  unneces- 
sary for  this  case. 

A  short  description  of  a  1.2  m  high  embankment  rein- 
forced with  two  layers  of  woven  fabric  was  given  by  Bjerin 
(1977)  [Case  30].   The  embankment  successfully  carried  700 
ton  vehicle  loads. 

Ohta,  et  al.  (1980)  reported  a  field  trial  conducted  In 
Japan  [Case  31].   An  embankment  with  no  reinforcement  or 
foundation  treatment  failed  at  a  height  of  3.5  m.   A  similar 
embankment  with  reinforcement  and  sand  drains  In  the  founda- 
tion was  completed  to  a  height  of  8.5  m.   The  sand  drains 
probably  accounted  for  the  majority  of  the  increase  In 
height. 

Several  reinforced  test  sections  built  In  Helsinki, 
Finland  were  briefly  described  by  Lahtlnen  (1983)  [Case  32]. 
Total  and  differential  settlements  were  less  for  sections 
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reinforced  with  woven  •Fabrics  and  geogrlds  than  for  a  simi- 
lar section  with  a  low  modulus  nonwoven  fabric.   The 
observation  of  lower  total  settlement  Is  contrary  to  the 
findings  of  many  other  Investigators. 

Geotextlle  reinforcement  was  used  to  construct  an 
embankment  on  peat  In  northeast  Alberta  (Burwash,  1980) 
[Case  33].   It  was  designed  to  have  a  final  height  of  2  m 
and  an  extra  1  m  of  fill  was  added  to  account  for  expected 
settlement.   Construction  was  scheduled  for  winter  to  mini- 
mize disturbance  to  the  root  mat.   Geotextiles  were  used  to 
reinforce  the  shoulders  for  widening  of  a  nearby  existing 
embankment  [Case  40]  as  discussed  in  Section  2.4.5. 

2.4.4  Embankments  Reinforced  with  Geogrid  Mattress 

A  recent  innovation  is  to  construct  a  geogrid  mattress 
by  forming  cells  with  vertical  strips  of  geogrid  and  then 
filling  the  cells  with  granular  soil.   This  results  in  a 
composite  material  that  has  flexural  stiffness.   Edgar 
(1984)  reported  that  a  1-m  thick  mattress  was  used  to  rein- 
force a  15-m  high  embankment  founded  on  6  m  of  soft  alluvial 
soil  [Case  34].   Wick  drains  were  installed  in  the  founda- 
tion to  speed  consolidation. 

A  mattress  consisting  of  a  layer  of  granular  fill 
encapsulated  with  geogrid  was  described  by  Williams  (1984) 
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[Case  35].   Ditches  lined  with  geogrid  and  filled  with  gran- 
ular soil  were  constructed  beneath  the  toe  of  the  embankment 
to  provide  additional  resistance  against  lateral  spreading. 
Wick  drains  were  also  used.   Williams  (1984)  states  that  the 
embankment  was  still  under  construction  but  that  Initial 
performance  was  encouraging. 

Three  instrumented  test  embankments  were  constructed  to 
failure  at  a  test  site  near  St.  Alban,  Quebec  (Busbrldge,  et 
al.«  1985).   The  foundation  has  a  1 . 5-m  thick  weathered  clay 
crust  underlain  by  soft  sensitive  marine  clay  with  a  minimum 
strength  of  about  10  kPa.   One  embankment  was  reinforced 
with  two  horizontal  layers  of  geogrid  [Case  36],  the  second 
was  reinforced  with  a  geocell  mattress  consisting  of  cells 
of  geogrid  filled  with  sand  [Case  37]  and  the  third  was  an 
unreinforced  control  section.   The  embankments  failed  at  the 
heights  shown  In  Table  2.2.   The  authors  point  out  the 
importance  of  crust  strength  on  observed  failure  heights. 
The  horizontal  reinforcement  was  calculated  to  Increase  the 
failure  height  by  34  percent  while  the  geocell  allowed  a 
17.5  percent  Increase.   They  concluded  that  horizontal  rein- 
forcement was  more  effective  than  the  geocell  mattress  for 
the  conditions  at  the  side.   Reinforcement  had  little  effect 
on  pore  pressures  or  lateral  strains  In  the  foundation. 
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2.4.5  Geotextiles  used  for  Embankment  Widening 

Geotextiles  have  been  employed  in  three  cases  to  rein- 
force the  shoulders  for  widening  of  existing  embankments. 
The  first  case  was  reported  by  Lukanen  and  Te i g  (1976)  [Case 
38].   An  existing  2.4-m  high  embankment  with  a  7.3  m  crest 
width  which  had  been  placed  directly  on  a  peat  foundation 
was  widened  to  14.3  m.   A  total  of  nine  test  sections  using 
different  combinations  of  lightweight  fill,  reinforcement 
and  conventional  staged  construction  were  built.   There  was 
a  "full  width  fabric"  section  where  fabric  was  placed  across 
the  full  embankment  width  (Fig.  2.13)  and  a  "ditch  fabric" 
section  where  reinforcement  was  placed  only  under  the 
widened  portion  of  the  embankment  (Fig.  2.14).   In  all  sec- 
tions light  weight  fill  (wood  chips)  was  used  to  f i 1 1  a 
ditch  at  the  toe  of  the  existing  embankment.   Strains  be- 
neath the  pavement  of  the  widened  roadway  were  measured 
beginning  after  construction  was  substantially  complete. 
Strains  at  the  outside  edge  of  the  pavement  were  less  than 
for  other  sections  for  both  fabric  reinforced  sections  but 
were  greater  between  the  center  line  and  pavement  edge  for 
the  full  width  fabric  section.   Very  little  longitudinal 
cracking  was  observed  in  the  ditch  fabric  section  compared 
with  numerous  cracks  which  developed  with  time  for  the  full 
width  fabric  and  conventional  staged  construction  sections. 
This  may  Indicate  that  the  fabric  modified  time  dependent 
deformat Ions . 
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Figure  2.13   Roadway  widening  -  fabric  (full  width)  section 
(Lukanen  and  Teig,  1976). 
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Figure  2.14   Roadway  widening  -  fabric  (ditch)  section 
(Lukanen  and  Teig,  1976). 
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An  application  of  geotextlles  to  roadway  widening  In 
the  Netherlands  was  described  by  Vol  man,  et  a  1 .  (1977) 
[Case  39].   Fabric  was  placed  across  the  width  of  the 
existing  embankment  and  beneath  the  widened  section.   It  was 
then  folded  back  over  the  outside  of  the  new  fill.   Fabric 
strains  measured  6  months  after  construction  were  less  than 
107.. 

An  existing  1-m  high  embankment  was  widened  and  raised 
to  an  after  settlement  height  of  2  m  (Burwash,  1980)  [Case 
40].  To  account  for  expected  settlement  1  m  of  additional 
fill  was  added.  Geotextlle  was  placed  beneath  the  widened 
shoulders.  Construction  was  scheduled  for  winter  to  mini- 
mize disturbance  to  the  root  mat.  Another  embankment  was 
constructed  In  a  previously  undeveloped  area  [Case  33]. 

2.4.6  Summary  of  Case  Histories 

The  cases  had  several  common  characteristics.   Founda- 
tion materials  were  usually  soft  organic  soils  of  limited 
thickness  underlain  by  a  stronger  layer  (Table  2.2).   Rein- 
forcement probably  has  the  greatest  effect  when  the 
undralned  foundation  strength  Is  less  than  about  15  kPa  or 
300  psf  (Mllllgan,  1985).   The  lower  bound  strength  for  most 
of  the  cases  In  Table  2.2  Is  below  this  value.   Many  Inves- 
tigators pointed  out  the  Importance  of  root  mat  and  dried 
crust  strength  on  embankment  stabl 1 ity  (Van  Leeuwen  and 
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Volman,  1976;  Burwash,  1980;  Rowe,  1984;  Busbrfdge,  et  el., 
1985) . 

The  embankments  were  typically  constructed  of  granular 
soils  ranging  from  sand  to  rockfill.   Finer  grained  soils 
such  as  clay  and  glacial  till  were  used  in  four  cases  [Cases 
5,  7,  28  and  33].   Embankment  heights  up  to  15  m  were 
reported  and  side  slopes  ranged  from  lh:lv  to  10h:lv  (Table 
2.2).   Special  construction  techniques  and  high  strength 
reinforcement  were  generally  required  for  the  higher  embank- 
ments.  Geotextile  reinforcement  also  provided  a  separating 
effect,  thereby  reducing  intrusion  of  fill  into  the  founda- 
tion soils.   Several  of  the  embankments  were  instrumented  as 
shown  in  Table  2.2. 

Fill  placement  techniques  varied.   For  Case  19,  fill 
was  placed  starting  at  the  outside  edge  and  then  working 
inward.   This  is  recommended  to  fully  mobilize  fabric  ten- 
sion when  the  foundation  soils  are  very  soft  (CBR<0.5)  and  a 
mud  wave  forms  at  the  edges  of  the  advancing  fill  (Fowler 
and  Hallburton,  1980;  Christopher  and  Holtz,  1984).   For 
stronger  foundations  (CBR>1)  fill  placement  that  proceeds 
from  the  center  and  progresses  outward  has  been  successful 
(Christopher  and  Holtz,  1984).   Even  though  the  foundation 
soils  were  soft,  the  later  procedure  was  used  for  Case  5  and 
may  have  contributed  to  the  large  observed  settlements.   For 
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Case  25,  the  fabric  was  pretens i oned  prior  to  fill  placement 
to  eliminate  wrinkles.   It  was  pulled  taut  by  hand  and  then 
weighted  down  with  pieces  of  rock.   The  rocks  were  removed 
as  the  first  lift  of  fill  was  placed  (S.  Gale,  1986,  per- 
sonal communication).   In  some  cases  a  working  pad  of  granu- 
lar soil  was  spread  on  the  ground  surface  before  the  rein- 
forcement was  placed.   The  effectiveness  of  the  rein- 
forcement may  be  reduced  if  the  working  pad  is  thick 
(Boutrup  and  Holtz,  1982;  Rowe,  et  al.«  1984b). 

Reinforcement  types  included  nonwoven  and  woven  geotex- 
tiles,  geogrids  and  steel  mesh  (Table  2.2).   There  is  no 
clear  indication  that  one  type  performs  better;  however, 
recent  cases  use  strong  high-modulus  reinforcement,  espe- 
cially when  the  foundation  soils  are  very  soft.   Cases  34 
and  37  used  a  geocell  mattress  consisting  of  cells  formed 
with  vertical  strips  of  geogrid  backfilled  with  granular 
so  i  1  . 

Geotextile  strains  were  generally  less  than  20X  but 
were  36%  for  Case  7  and  greater  than  50%  for  Case  1  (Table 
2.2).   For  Case  2,  zero  strain  was  measured  In  the  fabric 
even  though  0.15  m  of  settlement  occurred.   Geotextile 
strains  have  been  observed  to  both  Increase  [Cases  1,  17, 
and  18]  and  to  decrease  [Cases  28  and  29]  with  time  after 
the  end  of  construction.   This  might  be  because  there  are 


79 

two  opposing  factors:  (1)  consolidation  of  the  foundation 
which  tends  to  cause  movement  of  the  base  of  the  embankment 
toward  the  center  1  i ne  and  strains  to  decrease,  and  (2) 
lateral  creep  of  the  foundation  which  has  the  opposite 
effect  (R.  K.  Rowe,  1984,  personal  communication).   Observed 
behavior  depends  on  which  factor  dominates.   In  contrast. 
Bell,  et  al.  (1977)  feel  that  time  dependent  settlement  may 
increase  fabric  strain.   In  Cases  7,  19,  and  29  the 
reinforcement  was  folded  back  over  the  fill  at  the 
embankment  toe;  however,  it  was  observed  to  remain 
untens  ioned. 

The  strength  of  geotext i 1 e  samples  excavated  some  time 
after  construction  from  embankments  reported  herein  [Cases 
20,  21,  and  28]  and  from  other  applications  (Christopher, 
1983;  Hoffman  and  Turgeon,  1983)  were  found  to  be  0-507.  less 
than  their  original  strength.   It  is  not  possible  to  corre- 
late strength  loss  with  in  situ  conditions. 

Reinforcement  has  been  shown  theoretically  to  reduce 
differential  settlement  and  lateral  spreading  of  the  embank- 
ment (Boutrup  and  Holtz,  1982,  1983;  Rowe,  1982)  and  these 
effects  were  reported  for  Cases  4  and  5.   Reinforcement  may 
also  reduce  total  settlement  at  the  end  of  construction.   In 
Cases  10  and  11  settlement  of  the  reinforced  embankment  was 
greater  than  the  companion  unreinforced  section. 
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Reinforcement  generally  has  little  or  no  effect  on  time 
dependent  settlement  but  It  was  reportedly  reduced  for  Cases 
4  and  32.   Based  on  finite  element  analyses  (Rowe,  et  al., 
1984b),  lateral  strains  in  the  foundation  soils  are  expected 
to  be  less  for  reinforced  embankments,  however,  this  was  not 
observed  for  Cases  36  and  37.   Reinforcement  had  no  effect 
on  foundation  pore  pressures  for  Cases  36  and  37. 

To  maintain  an  acceptable  safety  factor  It  was  often 
necessary  to  combine  reinforcement  with  other  techniques 
Including  staged  construction,  light  weight  fill  or  berms  as 
summarized  In  Table  2.2.   Vertical  wick  drains  or  sand 
drains  were  sometimes  Installed  to  Increase  the  rate  of  con- 
solidation and  strength  gain  of  the  foundation  (Table  2.2). 
In  a  few  cases  a  surcharge  load  was  applied  to  reduce  the 
time  required  for  consolidation.   The  vertical  load  was  car- 
ried by  piles  for  Case  9.   Reinforcement  was  used  for  widen- 
ing and  raising  the  grade  of  existing  embankments  In  three 
cases  [Cases  38,  39,  and  40]. 

Three  causes  were  reported  for  the  reinforced  embank- 
ments which  failed:   (1)  the  reinforcement  modulus  was  too 
low,  allowing  excessive  deformations  to  occur  [Case  7]; 
(2)  tensile  failure  of  the  reinforcement  leading  to  slope 
failure  or  excessive  deformations  [Cases  13,  15,  26,  36,  and 
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37];  and   (3)  geotextiles  pulling  apart  at  a  joint  or  sewn 
seam  causing  excessive  deformations  [Cases  6  and  21]. 

2.4.7  Effect  of  Reinforcement  on  Stability 

Reinforcement  increases  the  stability  of  embankments 
constructed  on  soft  ground;  however  the  amount  of  Improve- 
ment is  subject  to  debate.   There  are  four  cases  in  Table 
2.2  where  both  a  reinforced  and  an  unreinforced  embankment 
were  constructed  to  failure  and  other  special  measures  such 
as  staged  construction  or  sand  drains  were  not  used  [Cases 
11,  15,  36,  and  37].   For  Case  22  only  the  unreinforced 
embankment  was  constructed  to  failure.   In  Cases  11,  15,  22, 
and  36  the  reinforced  embankments  were  constructed  0.9-2  m 
higher  than  the  companion  unreinforced  embankments.   This 
corresponds  to  a  187.-1107.  increase  in  height.   For  Case  37 
the  reinforced  embankment  failed  at  a  lower  height  than  the 
unreinforced  embankment  but  Busbridge,  et  a  1 .  (1985)  noted 
the  importance  of  variations  in  crust  strength  on  the  fail- 
ure heights.   Reinforcement  appeared  to  have  no  effect  on 
stability  for  Case  13.   Possible  explanations  for  this  are 
open  for  discussion. 

The  calculated  increase  in  safety  factor  for  slope  sta- 
bility ranged  from  5  to  347.  for  Cases  14,  24,  36,  and  37. 
Finite  element  analyses  also  indicate  that  reinforcement  is 
effective  for  low  strength  soils.   Boutrup  and  Holtz  (1982, 
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1983)  calculated  that  reinforcing  an  embankment  on  soft  soil 
with  an  undrained  strength  of  7.5  kPa  caused  up  to  a  13X 
reduction  tn  the  shear  stress  In  the  foundation.   Analyses 
by  McCarron  (1985)  showed  that  reinforcement  Increased  the 
embankment  height  at  failure  by  157.  for  a  foundation  with  a 
crust  strength  of  6.5  kPa  but  that  there  was  only  a  7% 
increase  for  a  crust  strength  of  12.5  kPa. 

In  the  next  few  sections  the  relations  between  the 
foundation  shear  strength  and  the  embankment  height,  and 
between  the  bearing  capacity  factor  and  normalized  embank- 
ment width  are  examined  and  compared  to  available  bearing 
capacity  theories.   The  embankment  widening  cases  [Cases  38, 
39,  and  40]  are  not  included  in  the  comparisons. 

2.4.7.1  Relation  between  embankment  height  and  founda- 
tion strength.   Embankment  height  is  plotted  against  average 
foundation  strength  for  stable  and  failed  embankments  in 
Fig.  2.15.   A  more  detailed  assessment  of  the  foundation 
strength  Is  desirable  but  is  not  possible  with  the  data 
available  for  most  cases.   Also  shown  In  Fig.  2.15  Is  the 
height  at  failure  calculated  using  classical  bearing  capac- 
ity theory  for  a  strip  footing  on  clay  (Eq.  2.11)  using  a 

unit  weight  of  fill  y  ,_  =  18  kN/m   (plotted  as  Mine  a'). 

emb 

It  closely  approximates  the  observed  height  at  failure  for 
three  unrelnforced  embankments.   The  stable  unrelnforced 
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embankments  plot  below  "line  a'  except  for  Case  5.   This 
case  did  not  exhibit  a  slope  failure  but  settlement  of  the 
fill  into  the  foundation  was  excessive  and  much  of  the  soft 
peat  foundation  soils  were  displaced  indicating  that  the 
bearing  capacity  was  surely  exceeded. 

Five  reinforced  embankments  which  failed  fall  on  a 
straight  line  shown  as  *  11 ne  b'  on  Fig.  2.15.   One  failed 
reinforced  embankment  (Case  37)  plots  below  this  line.   Sta- 
ble reinforced  embankments  plot  on  or  below  this  line  except 
for  Case  23.   Although  line  b  Is  based  on  a  limited  number 
of  data  points,  it  appears  to  Indicate  that  reinforced  em- 
bankments can  under  some  circumstances  be  constructed  up  to 
2  m  higher  than  predicted  by  conventional  bearing  capacity 
theory.   This  suggests  that  the  increase  In  height  is  Inde- 
pendent of  c   but  the  percent  Increase  in  height  is  greater 
u 

for  smaller  c  .   The  reason  for  the  increase  may  be  that  the 
u 

reinforcement  enhances  the  beneficial  effect  that  the  fol- 
lowing factors  have  on  bearing  capacity:  (1)  limited  thick- 
ness of  the  soft  foundation  soils,  (2)  increase  in  strength 
with  depth  of  the  soft  foundation  soils,  (3)  strength  of  the 
dried  surface  crust,  (4)  flat  side  slopes,  and  (5)  dissipa- 
tion of  excess  pore  water  pressures  during  construction  and 
the  resulting  Increase  In  strength  of  the  foundation  soils 
(e.g.  Lerouell,  et  al . ,  1978).   It  seems  logical  that  high 
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modulus  reinforcement  would  have  a  greater  benefit  but  there 
is  insufficient  data  to  confirm  this. 

2.4.7.2  Effect  of  increasing  strength  with  depth.   The 
possible  increase  in  bearing  capacity  due  to  increasing 
foundation  strength  with  depth  was  investigated  using  Eq. 


2.13.   This  equation  is  shown  on  Fig.  2.15  as  Mine  c'  for 

3   .  ,    _  ,  ,^.,_3 

=   I  H  kN  /n 

emb 


v     =18  kN/m  »  Yt  ,=  7  kN/m   (for  water  table  at  ground 
'pmh  fnd 


surface),  c  /a'       -    0.22  (Mesrl,  1975),  B  =  10  m  and  F  from 
u   vo 

Davis  and  Booker  (1973)  for  a  footing  with  a  rough  base 
which  accounts  for  the  shearing  resistance  at  the  founda- 
tion-reinforcement interface.   For  the  assumed  parameters, 
an  increase  in  strength  with  depth  accounts  for  about  257. 

(for  c   =15  kPa)  to  1607.  (for  c   =  2  kPa )  of  the  difference 
u  u 

between  the  observed  height  at  failure  and  that  calculated 
with  classical  bearing  capacity  theory. 

2.4.7.3  Relation  between  bearing  capacity  factor  and 
normalized  embankment  width.   The  relation  between  the  bear- 
ing capacity  factor  N   as  given  by  Eq.  2.23  and  the  norma  1 - 

c 

Ized  embankment  width  (Eq.  2.16)  is  shown  in  Fig.  2.16.   The 
embankment  was  represented  by  a  uniform  applied  stress  of 
yH_  and  width  B  measured  at  the  mid-height  of  the  embank- 
ment.  The  resulting  vertical  force  fs  the  same  as  applied 
by  the  embankment. 

Nc  =  YHf/Cu  (2'23) 
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Only  four  cases  of  failed  reinforced  embankments  [Cases  17, 
18,  36,  and  37]  have  sufficient  data  to  be  plotted. 

Note  that  the  data  from  Cases  26  and  21    Involving 
fibrous  peat  foundations  are  not  Included  in  F 1 gs .  2.15  and 
2.16.   The  reported  foundation  shear  strengths  are  felt  to 
be  unreliable  since  they  were  measured  with  a  field  vane 
which  can  give  erroneous  results  when  used  in  such  soils 
(Landva,  1980). 

2.4.7.4  Effect  of  limited  thickness  of  soft  soils.   The 

effect  of  a  limited  thickness  of  soft  foundation  soils  on 

the  calculated  bearing  capacity  factor  was  investigated 

using  Eq.  2.15  for  the  bearing  capacity  factor  at  the 

embankment  center  line.   Eq.  2.15  Is  plotted  on  Fig.  2.16  for 

\= 1  and  A=2.   The  line  with  A  =  2  agrees  well  with  two  failed 

reinforced  embankments  with  B   >  4  and  accounts  for  the 

n 

shearing  resistance  developed  at  the  foundat ion-geotext 1 1 e 
interface.   The  line  with  X=l  neglects  the  shearing  resis- 
tance at  the  Interface  and  plots  below  the  observed  fail- 
ures.  A  relation  proposed  by  Giroud,  et  al .  (1973)  is  also 
shown  but  It  greatly  underestimates  the  observed  N  .   It  Is 
cautioned  that  these  observations  are  based  on  only  two 
cases  and  the  reliability  of  the  shear  strength  data  1s  not 
known . 
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There  are  two  cases  with  B   of  1 . 3  and  1.6  and  three 

n 

other  cases  where  the  actual  B   Is  unknown  but  Is  likely  to 

n 

be  less  than  2  [Cases  7,  20  and  24].   They  had  N   ranging 

c 

from  5.4  to  43.2.   It  Is  likely  that  N   based  on  average 

c 

foundation  strength  Is  not  a  reliable  Index  of  reinforced 
embankment  stability  for  thick  foundations. 


2.4.8  Conclusions 

The  data  from  the  40  cases  summarized  above  can  be  used 
as  a  guide  for  preliminary  designs  and  as  a  basis  of  compar- 
ison for  new  analysis  techniques.   They  are  summarized  in  a 
concise  format  to  allow  easy  identification  of  cases  most 
pertinent  to  a  particular  problem. 

The  cases  had  several  common  characteristics.   Founda- 
tion materials  were  typically  soft  organic  soils  with  a 
shear  strength  of  less  than  15  kPa  underlain  by  a  stronger 
layer.   In  many  cases  It  was  necessary  to  combine  reinforce- 
ment with  other  special  measures  such  as  wick  or  sand 
drains,  staged  construction  or  berms  to  maintain  an  accept- 
able safety  factor.   Reinforced  embankments  were  observed  to 
fall  by  excessive  elongation  of  low  modulus  reinforcement, 
tensile  failure  of  the  reinforcement,  and  pulling  apart  of 
Joints  or  sewn  seams  between  strips  of  reinforcement.   Rein- 
forcement was  used  for  widening  and  raising  the  grade  of 
existing  embankments  in  3  cases. 


89 

In  addition  the  following  general  conclusions  are 
drawn . 

1.  The  height  of  a  reinforced  embankments  at  failure 
was  observed  to  be  up  to  2  m  greater  than  predicted  by  con- 
ventional bearing  capacity  theory.   The  explanation  for  this 
is  open  for  discussion  but  may  be  that  reinforcement  en- 
hances the  beneficial  effect  that  the  following  factors  have 
on  stability:  limited  thickness  or  Increase  In  strength  with 
depth  of  the  soft  foundation  soils,  the  dried  surface  crust, 
flat  embankment  side  slopes,  or  dissipation  of  pore  water 
pressures  during  construction.   It  was  shown  that  the  bear- 
ing capacity  of  footings  on  soil  with  increasing  strength 
with  depth  can  partially  account  for  the  difference. 

2.  The  bearing  capacity  factor  for  foundations  of  lim- 
ited depth  with  full  shearing  resistance  at  the  foundation- 
geotextile  interface  agreed  well  with  the  values  observed  at 
failure  for  two  reinforced  embankments.  This  relation  merits 
further  study. 

3.  In  four  cases  reinforced  embankments  were  con- 
structed 0.9-2  m  higher  than  companion  unreinforced  embank- 
ments which  failed.   However,  in  one  case  reinforcement 
appeared  to  have  an  insignificant  effect  on  stability  and  in 
another  the  reinforced  embankment  failed  at  a  lower  height. 
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CHAPTER  3 
CAP  SOIL  BEHAVIOR  MODEL 


3.1  INTRODUCTION 

The  cap  soil  behavior  model  is  a  nonlinear  elastic- 
plastic  isotropic  work-hardening  plasticity  model.   It  was 
developed  from  the  classical  incremental  theory  of  work- 
hardening  plasticity  for  materials  which  have  time  and  tem- 
perature independent  properties.   In  general,  cap  models 
describe  the  yielding  behavior  of  soil  with  an  ultimate 
yield  surface  that  is  fitted  with  a  movable  end  cap.   Both 
the  ultimate  yield  and  cap  surfaces  are  symmetric  about  the 
hydrostatic  axis.   The  movement  of  the  cap  is  controlled  by 
the  hardening  and  softening  behavior  of  the  soil  which  is 
expressed  as  a  hardening  law.   For  some  versions  of  the  cap 
model  the  ultimate  failure  surface  is  also  allowed  to  move 
as  controlled  by  a  hardening  law.   Strains  are  elastic  for 
stress  changes  that  fall  within  the  region  bounded  by  the 
ultimate  yield  and  cap  surfaces  but  are  elastic-plastic  for 
stress  changes  on  the  surfaces. 
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The  first  such  model  for  use  In  soil  mechanics  was  pro- 
posed by  Drucker,  et  al.  (1957).   It  consisted  of  a  cone 
shaped  extended  von  Mfses  or  Drucker-Prager  ultimate  yield 
surface  (Drucker  and  Prager,  1952)  fitted  with  a  spherical 
end  cap.   Both  the  cone  and  cap  expand  as  the  soil  strain 
hardens.   The  current  soil  density  was  used  In  the  hardening 
law  to  control  the  position  of  successive  yielding  surfaces. 

The  concept  of  Isotropic  hardening  plasticity  was 
developed  into  the  Cam-clay  model  (Schofield  and  Wroth, 
1968)  for  triaxial  behavior  of  normally  and  lightly  over con- 
solidated clay.   This  was  extended  to  a  general  three  dimen- 
sional stress  state  by  Roscoe  and  Burland  (1968).   The  model 
uses  the  concept  of  a  critical  state  line  on  which  failure 
of  Initially  1 sotropi cal 1 y  consolidated  samples  will  occur 
regardless  of  the  stress  path  (Atkinson  and  Bransby,  1978). 

A  generalized  cap  model  was  proposed  by  DlMaggio  and 
Sandler  (1971)  and  developed  further  by  Sandler,  et  al . 
(1976).   The  yield  function  consists  of  a  fixed  ultimate 
yield  surface  fitted  with  a  movable  elliptical  strain- 
hardening  cap.   Movement  of  the  cap  was  controlled  by  the 
plastic  volumetric  strain.   The  cap  controls  plastic  dila- 
tion once  the  failure  stress  Is  reached.   The  cap  model  has 
advantages  over  the  Cam-clay  models  of  being  expressed  in 
terms  of  the  three-dimensional  state  of  stress  and 
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formulated  using  consistent  mechanical  principles.   The  form 
of  the  model  used  In  this  study  was  developed  by  several 
investigators  at  Purdue  University  (Mizuno  and  Chen,  1982; 
Saleeb  and  Chen,  1982;  Chen  and  McCarron,  1983;  Chen,  1984; 
McCarron,  1985;  Chen  and  Baladi,  1985).   A  good  introduction 
to  the  model  is  also  given  by  Desai  and  Siriwardane  (1984). 

The  sign  convention  used  to  develop  the  cap  soil  behav- 
ior model  is  that  compressive  stresses  and  strains  are 
negative.   This  is  opposite  to  the  normal  soil  mechanics 
convention  but  is  used  to  be  consistent  with  engineering 
mechanics.   The  implication  is  that  stresses  for  almost  all 
problems  encountered  in  soil  mechanics  will  be  negative. 

The  model  is  formulated  in  terms  of  effective  stresses 
using  the  first  Invariant  of  the  stress  tensor  ij  and  the 
second  invariant  of  the  stress  devlator  tensor  J_,  where 

I  j  =  cj  +  a'z    +  o'3  (3.1) 

1/2    1         2  2  2   1/2 

J2    ={6[(ar°2}   +  (02"°3)   +  (03"01}  3}        (3'2) 


where      a'    =  major  effective  principal  stress 

a'    =  Intermediate  effective  principal  stress 
a'    =  minor  effective  principal  stress 

The  underlying  assumption  Is  that  soil  behavior  fs  indepen- 
dent of  the  orientation  of  the  principal  axes. 
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3.2  DESCRIPTION  OF  CAP  MODEL 


The  main  features  of  the  cap  soil  behavior  model  are  a 

cone  shaped  ultimate  failure  surface  and  an  elliptical 

1  /2 
shaped  cap.   They  are  shown  In  I J~J2    5pace  'n  ^1g. 

3.1.   For  convenience  the  -I  J  axis  Is  plotted  to  the 
right.   The  ultimate  failure  surface  is  of  the  Drucker- 
Prager  type  (Drucker  and  Prager,  1952)  and  is  a  straight 

line  In  I ' — J     space  with  a  slope  a  and  an  intercept 

1  /2 
with  the  Ji    ax's  of  k  (Fig.  3.1).   The  equation  for  the 

ultimate  failure  surface  is 

f  j  =   ol  j  +  Jl2/Z    -  <  =  0  (3.3) 


The  elliptical  cap  intersects  the  I'    axis  at  x  and 
the  ultimate  failure  surface  at  coordinates  (S.,  (x-8.)/R)  as 
shown  In  Fig.  3.1.   The  aspect  ratio  R  is  defined  as  the 
ratio  of  the  major  and  minor  radii.   The  cap's  shape  is 
described  by  the  equation  of  an  ellipse 

f   =  (lj  -  t)2   +  R2J2  -  (x  -  I)2    =  0         (3.4) 

The  position  of  the  cap  is  coupled  to  the  plastic  volumetric 

strain  e   by  the  hardening  rule 
v 

eP  =  Wtexp(Dx)  -  1]  (3.5) 

where  W  is  the  limiting  value  of  e   at  very  high  stress 
and  D  Is  a  curve  fitting  parameter  with  units  of  (stress) 
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1/2. 


ULTIMATE  FAILURE 
SURFACE 


Figure  3.1   Cap  model  In  I  J  —  -/dZ    space, 
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Elastic  strains  are  governed  by  the  bulk  K  and  shear  G 
moduli.   Elastic  volumetric  strain  e*  is  produced  by 
changes  in  I ' 


c    =  i  :/(3K> 

V      1 


The  elastic  shear  strain  1s  given  by 


(3.6) 


where 


U 


.    -  su/(2G) 


devlatoric  strain  tensor 
deviatoric  stress  tensor 


°1j  -  6ij(Il/3) 


=  Kronecker  delta  tensor 


1  0  0 
0  1  0 
0  0  1 


(3.7) 


(3.8) 


Stress  changes  in  the  region  bounded  by  the  ultimate  failure 
surface  and  the  cap  produce  only  elastic  strains.   Loading 
on  the  ultimate  failure  surface  or  cap  results  in  both  elas- 
tic and  plastic  strains. 


A  normal  (associated)  flow  rule  Is  used  to  compute 
plastic  strains  for  loading  on  both  the  ultimate  failure  and 
cap  surfaces.   This  means  that  an  Increment  of  plastic 
strain  Is  normal  to  the  surface.   This  assumption  is  mathe- 
matically convenient  and  leads  to  reasonable  predictions  of 
soil  behavior.   An  Increment  of  loading  on  the  cap  causes  It 
to  expand  and  results  In  negative  plastic  volumetric  strain 
(contraction)  and  plastic  shear  strain  (Fig.  3.2a).   Loading 
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(a.) 


-Ii 


Initial  Cap 
Position 


"li 


Figure  3.2 


Response  due  to  an  Increment  of  loading  (a) 
loading  on  cap,  (b)  loading  on  ultimate  failure 
surface,  and  (c)  loading  at  corner. 
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on  the  ultimate  failure  surface  produces  positive  plastic 
volumetric  strain  (dilation)  and  plastic  shear  strain.   The 
dilation  causes  the  cap  to  contract  (as  shown  In  Fig.  3.2b) 
since  the  position  of  the  cap  1s  determined  by  the  plastic 
volumetric  strain  (Eq.  3.5).   For  a  stress  state  at  the 
Intersection  between  the  cap  and  the  ultimate  failure  sur- 
face, the  increment  of  plastic  strain  is  taken  to  be  normal 
to  the  cap.   This  allows  plastic  shear  to  occur  at  constant 
volumetric  strain  (Fig.  3.2c)  as  observed  for  real  soils  at 
large  strain. 

3.3  CONSTITUTIVE  EQUATION  FOR  GENERAL  FORM  OF  CAP  MODEL 

The  constitutive  equations  for  the  general  form  of  the 
cap  model  are  presented  in  this  section.   They  are  special- 
ized to  the  form  used  in  this  study  In  the  next  section. 
The  equations  were  originally  presented  by  Chen  and  McCarron 
(1983)  and  McCarron  (1985).   A  detailed  derivation  is  given 
in  Humphrey  (1985a).   The  derivation  is  based  on  the  princi- 
ples of  engineering  mechanics  (Yamada,  1969).   Vector  and 
tensor  quantities  such  as  the  components  of  stress  and 
strain  are  expressed  using  Indicial  notation  (Chapter  1, 
Chen  and  Saleeb,  1982). 

A  general  form  of  the  yield  surface  F  Is  assumed  to  be 

a  function  of  the  current  state  of  stress  o,j»  a  hardening 

p 
parameter  X  which  is  a  function  of  the  plastic  strain  e,j. 
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and  a  material  constant  K  which  is  a  function  of  the  effec- 

p 
tive  plastic  strain  e 

F  =  F{o   ,  X(ePj),  K(eP)}  (3.9) 

The  effective  plastic  strain  is  given  by 

=  h/(deP  deP  ) 1/2  (3. 10) 


eP 


where  h  is  a  proportionality  constant.   The  increment  of 
plastic  strain  is  obtained  by  the  flow  rule 

deP   =  dX~ L  (3.11) 

ij     aalj 

where  ^  is  the  plastic  potential  function  and  dx    is  a  posi- 
tive scalar  proportionality  factor.   For  an  associated  flow 

rule  H*  =  F.   The  total  strain  increment  de.  .  may  be  sepa- 

e  p 

rated  into  an  elastic  de.  .  and  a  plastic  de\  .  part 

f  J  U 

de    =  de*   +  deP  (3. 12) 

The  elastic  stress-strain  matrix  relates  an  increment  of 
elastic  strain  to  the  stress  increment 

d*iJ  "  C?jk,tdekl]  (3'13) 

where 


cuki  -  A6iAi  +  u(6ik6ji  +  «nV}  (3-M) 
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and  where  A  and  u  are  Lame's  constants  and  6. .  's  the 
Kronecker  delta  (Eq.  3.8).   Lame's  constants  are  related  to 
the  bulk  and  shear  moduli  by  X    =    K  -  (2/3)G  and  u  =  G. 


The  elastic-plastic  stiffness  matrix  is  derived  using 
the  consistency  condition.   This  requires  that  a  state  of 
stress  that  starts  on  the  yield  surface  remains  on  the  yield 
surface  after  an  increment  of  loading.   This  condition  Is 
stated  as 


dF  =  0  = 


3F 


do 


3F 


3of j"" 1 j 


de 


3e 


iJ 


-2f_  dep 


(3. 15) 


i  J 


ae 


Substituting  Eqs.  3.9  through  3.13  into  Eq.  3.15  leads  to 
the  following  equation  for  dX 


ms         i       dF      re         He 

H  3o.  .   i  jk 1   kl 


(3. 16) 


where 


H  =  J<-ce 


a* 


aojj  ijkiaok] 


aF  a^ 


3F 

ae' 


34-  9± 


LaoiJaoU 


1/2 


(3.  17) 


Substituting  Eq.  3.16  into  Eq.  3.11  and  using  Eq.  3.12  leads 
after  simplification  to  the  elastic-plastic  constitutive 
equat  ions 


HT  ,H 


d°U  -   C1Jkl 


IJ   kl 
H 


dekl  =  CTjkldekl 


(3. 18) 
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where 


H     =  A(3A+2u)  +  2Bus    +  2Cut  .  no  summation  (3.19) 

H«(   =  L(3A+2u)  +  2MusM  +  2Nyt f1  no  summation  (3.20) 

Hkl  =  2Buskl  +  2C^tkl  k  *  1  (3.21) 

H«j  =  2Musfj  +  2Nut(J  i  *  j  (3.22) 

A  -  if,     B  ■  Sj2  c  .  tt 


3J-, 
t.  ,  =  r-3  =  s.  s  .  -  (2/3)J.«5tI  (3.25) 

i  j    So  t  ,    la  aj  3  1  j 

J3  =  third  invariant  of  stress  deviator  tensor 

■  (1/3)SijSJkSki  (3'26) 

Finally,  Eq.  3.17  is  expanded  yielding 


H  =  3AL(3X+2u)  +  2Bu(2MJ  +3NJ3)  + 

2Cy(3MJ0  +  Ns,  s  .s,usu,  -  ^NJ?)  -  3L-|^-  l 


3      ia  aj  ib  bj    3   2'      3X    p 

o  £ 
V 

•f  JB.  h(3L2+2M2V6"NJ3+N2(s.asaJs|bsbJ-^,),/2 

(3.27) 

The  above  equations  are  general  and  the  exact  form  of  the 
yield  surface  and  the  hardening  function  have  not  been 
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specified.   In  the  next  section  these  equations  are  reduced 
to  the  form  of  the  cap  model  used  in  this  study. 

3.4  ELASTIC-PLASTIC  CONSTITUTIVE  EQUATION  FOR  LOADING  ON  CAP 

The  general  elastic-plastic  constitutive  relations 
developed  in  the  previous  section  were  specialized  to  the 
cap  shape  (Eq.  3.4)  and  hardening  rule  (Eq.  3.5)  used  in 
this  study  for  loading  on  the  cap  (Fig.  3.2a).   This  study 
uses  an  associated  flow  rule  so  H*  =  F  =  f-  (Eq.  3.4).   A 
detailed  derivation  of  the  equations  is  given  in  Humphrey 
(1985a).   The  equations  were  originally  presented  by  Chen 
and  McCarron  (1983)  and  McCarron  (1985). 

Beginning  with  Eqs .  3.4,  3.23,  and  3.24  along  with  the 
associated  flow  rule  the  following  are  found 

A  =  L  =  2(1  -I)       ;   B  =  M  =  R2   ;   C  =  N=0   (3.28) 

The  following  partial  derivatives  are  obtained  from  Eq.  3.4 


3f2 

r-^  =  -2(x  -  I)  (3.29) 

O  X 


3f2 

ar  =  °  (3-30) 


The  hardening  rule  (Eq.  3.5)  fs  used  to  find 
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^B  =  1/tDU^  +  W)] 
3e  v 


(3.31 ) 


Substituting  Eqs .  3.28  through  3.3  1  Into  Eqs.  3.19,  3.2  1, 
and  3.27  yields 


HH  =  2(  1  -«.)  (3A+2u)  +  2R  usH 


no  summation   (3.32) 


H 


u 


2R2ys 


U 


i  *  J 


H  =  12(1  -fi.)2(3A  +  2u)  +  4R2uJ   +  1 2  ( x- t )  (  I  ]  9.) 

~ BTP+w) 

v 


(3.33) 


(3.34) 


The  general  form  of  the  elastic-plastic  constitutive 
equation  (Eq.  3.18)  is  simplified  for  an  associated  flow 
rule  to 


do 


'  J 


ce 

ijkl 


H1JHkl  de 
H 


kl 


(3.35 


This  equation  is  expanded  for  the  special  case  of  plane- 
strain  conditions  resulting  in  the  elastic-plastic  constitu- 
tive equation  used  in  this  study  (McCarron,  1985) 


dox 


do 


>  = 


d-t 


xy 


A  +  2u  - 


H   H 

XX  XX 

H 


H   H 
yy  xx 

A     H 

H   H 
zz  xx 

H 

H   H 
yy  xx 

H 


A  - 


A  - 


H   H 
xx  yy 

H 


H   H 
A+2u  -  -**-** 

H   H 
_   xy  yy 

H 


u  - 


A  - 


H   H 
zz  yy 

H 


H   H 
xx  xy 

H 

H   H 
W  xv 
H 

H   H 
xy  xy 

H 

H   H 
zz  xy 

H 


de 


Sd« 


y 


dy 


xy 


(3.36) 
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where  H   ,  H    and  H    are  given  by  Eq.  3.32,  H    is  given 
xx    yy  zz  xy 

by  Eq.  3.33,  and  H  is  given  by  Eq.  3.34. 


Equations  for  loading  on  the  Drucker-Preger  ultimate 
failure  surface  are  derived  in  a  similar  manner  and  are 
given  in  Chen  and  McCarron  (1983). 

3.5  UNDRAINED  CONDITIONS 

For  undrained  loading  the  condition  of  no  volume  change 
is  obtained  by  adding  the  apparent  stiffness  of  the  pore 
fluid/solid  particle  system  Df  to  the  stiffness  of  the  soil 
skeleton  D   (Naylor,  et  al . ,  1981;  McCarron,  1985).   The 
total  stiffness  Dt  is  given  by 


Ds  ♦  Df 


(3.37) 


D   has  the  form  [K.  .]  where  K.  ,  are  the  components  of  the 
s  1 J  U 

stiffness  matrix.   Since  fluids  cannot  resist  shear  distor- 
tions, D,  has  the  form 


K    K 

K 


K 


SYM 


0 
0 
0 
0 


0 
0 
0 
0 
0 


(3.38) 


where  Kf  is  the  apparent  bulk  modulus  of  the  pore 
fluid/solid  particle  system.   For  a  given  displacement 
field,  the  resistance  provided  by  the  solids  is 
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{o' }  =  D   {£}  (3.39) 


where  the  transpose  of  o'  Is 


(a' }T  =  {a'    a'     a'     i  i  i        )  (3.40) 

1   ;     l  x   y   z   xy   yz   zx 


and  the  transpose  of  e  i  s 


{e}T  ={£££>    y         y       }  (3.41) 

1  J      x   y   z   xy  yz  zx 

The  pore  pressure  developed  Is 

v    =  Kfev  (3.42) 

where    e       is    the    total    volumetric    strain    given    by 

£=£+£+£  (3.43) 

v  x  y  z 

The  total  stress  {a}  is  then 

{a}    =    (a'  }    +    vj{I  }  (3.44) 

where 

{ I }T    =    { 1     1     1    0    0    0}  (3.45) 

The  apparent  bulk  modulus  K,.  of  the  pore  fluid/solid 
particle  system  for  saturated  undrained  conditions  is 
(Nay lor,  et  al . ,  1981 ) 


1     -*-  +  -fe*  (3.46) 


f     w      s 
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where      K   =  bulk  modulus  of  water 
w 

K   =  bulk  modulus  of  solid  particles 
n   =  porosity 

Since  K   *  30K   (Lambe  and  Whitman,  1969),  the  second  term 
s       w 

fn  Eq.  3.46  can  be  neglected  with  only  a  few  percent  error, 
therefore 


Kf  s  Kw/n  (3.47) 

The  bulk  modulus  of  water  is  2.1x10   kPa  (43x10   psf; 
300,000  ps i ) .   It  is  convenient  to  express  K,.  in  terms  of 
the  bulk  modulus  of  the  soil  skeleton  K  using  a  pore  pres- 
sure response  factor  B  which  is  defined  as 


B  =  Kf/K  (3.48) 


For  partially  saturated  conditions  Kf  is  related  to  the 
Henkel  pore  pressure  parameter  (Naylor,  et  al.,  1981) 


KB 

K.  =   -r—  (3.49) 

f      1-Bh 


where 


tu    =  BMA1./3)  +  A.  (3J,),/2  (3.50) 

hi  n     Z 


A.  and  B.  are  the  Henkel  pore  pressure  parameters  (Henkel, 
1960;  Henkel  and  Wade,  1966).   B   Is  zero  for  dry  soil  and 
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approaches  1  for  saturated  soils.   Comparison  of  Eqs.  3.48 
and  3 . 49  shows  that 


B. 

B  =   T-£-  (3.51 ) 


l"Bh 


It  may  therefore  be  possible  to  use  B  to  simulate  partially 
drained  conditions. 

3.6  SUMMARY 

The  equations  for  the  cap  soil  behavior  model  and  the 
elastic-plastic  constitutive  equation  for  loading  on  the  cap 
were  presented  In  this  section.   The  method  used  to  model 
undrained  behavior  was  given. 
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CHAPTER  4 
PROCEDURE  FOR  DETERMINING  THE  CAP  PARAMETERS 


4.1  INTRODUCTION 

One  of  the  main  obstacles  to  using  the  cap  soil  behav- 
ior mode  1  has  been  the  lack  of  an  easy  and  reliable  way  to 
determine  the  model  parameters  from  conventional  test 
results  (Chen  and  Baladi,  1985).   In  this  chapter  a  proce- 
dure is  developed  which  overcomes  this  problem.   Input  soil 
properties  are  obtained  from  conventional  tests  and  the 
required  computations  can  be  done  using  a  hand  calculator. 
The  form  of  the  cap  model  used  in  this  study  was  developed 
and  implemented  in  a  computer  program  by  McCarron  (1985)  and 
McCarron  and  Chen  (1986a,  1986b).   The  features  and  equa- 
tions for  the  cap  model  are  given  in  Chapter  3.   It  is 
recalled  that  compressive  stresses  and  strains  are  negative. 

The  chapter  is  organized  as  follows.   First,  the  proce- 
dure fs  derived  and  the  steps  to  find  the  cap  parameters  are 
outlined.   The  procedure  is  illustrated  with  example  prob- 
lems.  Next,  cap  parameters  are  computed  for  Boston  Blue 
Clay  using  results  from  triaxial  tests  with  hydrostatic  and 
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nonhydrostat i c  consot Idatlon  and  using  plane  strain  tests 
with  nonhydrostat 1 c  consolidation.   Sample  behavior  pre- 
dicted by  the  cap  model  fs  compared  to  observed  behavior. 
Then,  the  cap  parameters  are  derived  for  a  wide  range  of 
clayey  soils  and  their  correlation  with  basic  soil  proper- 
ties is  examined.   Parameters  for  tests  with  hydrostatic  and 
nonhydrostat i c  consolidation  are  compared.   Finally,  the 
results  of  a  parametric  study  are  given  which  examines  the 
effect  of  Input  soil  properties  on  calculated  response. 

4.2  DEVELOPMENT  OF  PROCEDURE  FOR  DETERMINING  CAP  PARAMETERS 

There  are  16  parameters  used  to  describe  soil  behavior 
in  the  current  version  of  the  cap  model.   They  are  conve- 
niently grouped  into  parameters  for  the  ultimate  failure 
surface,  elastic  behavior,  strain  hardening,  cap.  Initial 
stresses,  and  pore  pressure  response  and  are  summarized  in 
Table  4.1.   New  procedures  were  developed  to  determine  the 
bulk  modulus,  hardening  parameters,  cap  aspect  ratio,  and 
initial  cap  position  which  eliminate  the  need  for  a  trial 
and  error  solution.   Procedures  to  determine  the  remaining 
parameters  were  given  by  McCarron  (1985).   The  parameters 
can  be  determined  from  commonly  available  soil  properties 
such  as  results  from  consolidation  tests  and  consol Idated- 
undralned  trlaxlal  tests  on  normally  consolidated  samples. 
The  procedures  are   given  In  the  following  sections. 
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Tab  1 e  4 . 1 
Summary  of  cap  parameters. 


Ultimate  failure  surface 

o     slope  In  Ij-»>2/2  ,pace 
c      Intercept  with  j'/2  axis 

T     tension  cut-off 

c 

Elastic  behavior 

K     bulk  modulus  parameter 

K     bulk  modulus  parameter 

A     atmospheric  pressure 
P 

G  shear  modulus  parameter 

G_  shear  modulus  parameter 
Strain  hardening 

D  hardening  parameter 

W  hardening  parameter 
Cap 

R  cap  aspect  ratio 

x      Initial  position  of  cap 
o 

Initial  stresses 

A     surcharge 

Y     average  unit  weight  of  soil 

K      Initial  coefficient  of  lateral  earth 
pressure 

Pore  pressure  response 

6     factor  for  bulk  modulus  of  fluid/sol  Ids 


1  10 


4.2.1  Ultimate  Failure  Surface 

The  Drucker-Prager  criterion  Is  used  to  describe  the 
ultimate  failure  surface.   Its  circular  cross  section  Is  an 
approximation  of  the  Mohr-Coulomb  criterion  which  has  a 
hexagonal  shape  in  stress  space  (Chen  and  Saleeb,  1982). 
For  triaxial  compression  (o_  =  a^)    the  criteria  can  be 
matched  on  the  compressive  meridian  (Fig.  4.1)  and  the  two 
sets  of  material  constants  (a,<  and  c',$')  are  related  by 


2sin4>' 

°  =  yio-YinV)  (4,n 


_   Sc'cosf.  (4  2) 

K    ~    ^Jo-sin*')  i«.£> 


For  triaxial  extension  (o.  =  o„)  the  criteria  are  related  by 

a  =  y3(3+sln*')  (4-3) 


K    _    Sc'cosfr* 

K         TSO+sin*.'  )  tq'*; 


For  plane  strain  conditions  and  a  flow  rule  that  is  normal 
to  the  Drucker-Prager  surface  the  constants  are  related  by 
(Drucker  and  Prager,  1952;  Chen  and  Saleeb,  1982) 


tan»' .  .    ,.  . 

o  = * ryr  (4.5) 

(9  +  12tan4>')  ' 


** (4.6) 


(9  +  12tan*') 1/2 


1 1 1 


Mohr -Coulomb 


Druckar -frag*'  (matching 
■t  Q  -60  ,  Tanalla  Marldlan  ) 


Druck»r-^r«5»f 

(Witching  at  £-<£ 
Cofnpraiilv* 
Meridian  ) 


F Igure  4. 1 


Druckei — Prager  and  Mohi — Coulomb  fa f lure 
criterion  matched  on  compression  and  extension 
meridians  (after  Chen  and  Saleeb,  1982). 
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For  other  conditions  the  match  between  Mohr-Coulomb  and 
Druckei — Prager  depends  on  the  Intermediate  principal  stress 
at  failure.   The  following  ratio  is  defined 

n  =  (o3  -  o2)f  /  (o3  -  Cj)f  (4.7) 

The    values   of   a   and   k    are    given   by 

a    =    ^s1n4>'    /    [s1n(0    +    ti/3)    -y=cos(6    +    tt/3)    sin*']       (4.8) 


ic    =    c    cos*'    /    [s1n(6    +    it/3)    -y=cos(6    +    it/3)    sin*']       (4.9) 


where 

COS36    -    \    2%~    3^    '    3r\;7    2  (4.10) 

c       (n      -    n   +    I)    ' 

For  trlaxlal  compression  (n  =  0)  Eqs .  4.8  and  4.9  reduce  to 
Eqs .  4.1  and  4.2,  respectively;  for  trlaxlal  extension 
(n  =  1)  Eqs.  4.8  and  4.9  reduce  to  Eqs.  4.3  and  4.4.   Choice 
of  the  n  parameter  is  discussed  in  Chapter  5.   When  plane 

strain  test  results  are  available  It  is  recommended  that  for 

1  /2 
each  specimen  (J,   '     and  *^e   corresponding  I'    be  cal- 

culated  with  Eqs.  3.1  and  3.2  using  measured  effective 

stresses  at  failure.   The  parameters  a  and  ic  are  then 

determined  from  the  best  fit  line  through  these  points. 


The  tension  cut-off  T   specifies  a  limiting  value  of 
tensile  stress  for  soils  with  non-zero  cohesion.   Since  most 
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soils  cannot  support  significant  tensile  stress  T   can  be 
taken  as  slightly  greater  than  zero. 


4.2.2  Elastic  Behavior 


Elastic  behavior  Is  governed  by  the  bulk  K  and  shear  G 
moduli.   The  model  assumes  K  Is  related  to  a  power  of  I  J 

K  =  KjAp  [i;/(3Ap)]K2  (4.  11) 

where  A   Is  atmospheric  pressure  and  Is  used  to  obtain  a 
P 

dlmens lonl ess  term  raised  to  the  power  K_.   The  bulk  modulus 
parameters,  K.  and  K_,  are  determined  from  the  unloading/ 
reloading  portion  a  hydrostatic  consolidation  test.   This 
curve  Is  assumed  to  be  linear  on  an  c    -ln(p')  plot  where  p' 
Is  the  mean  effective  stress 


P'  =  lj/3  (4.12) 

Furthermore,  curves  for  unloading  from  different  maximum 
values  of  p'  ere  assumed  to  be  parallel,  all  having  a  slope 
of  b 


£y2  "  Cyl  (4.13) 


ln(p^)  -  ln(pj) 


A  similar  approach  Is  used  In  the  modified  Cam-clay  soil 
model  (Wroth  and  Houlsby,  1985).   In  the  limit  as  point  1 
approaches  point  2  Eq.  4.13  becomes 
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b  =  de  /d(ln  p' )  =  (de  )p'/dp'  (4.14) 

v  v 


rearranging  and  using  the  definition  of  K 


K  =  dp'/de   =  p'/b  (4.15) 

v 

For  linear  unloading/reloading  curves  K_  =  1  and  using  Eqs . 


4.11,  4.12,  and  4.15 


K.  =  1/b  (4. 16) 

A   should  be  chosen  with  units  consistent  with  I'.   Values 
P  • 

of  A   for  different  unit  systems  are  given  In  Table  4.2. 
P 


Table  4.2 

Values  of  atmospheric  pressure 

in  different  unit  systems. 


21 16.3536  psf 

14.6969  psi 

101.325  kPa  (kN/m2) 

1  .03323  kg/cm2 


In  many  cases  only  results  of  one-dimensional  consoli- 
dation tests  are  available.   For  this  test,  the  average 
slope  of  the  unloading/reloading  curve  on  a  void  ratlo- 
log(a')  plot  Is  the  recompression  index  C  .   If  the 
unloading/reloading  curves  from  hydrostatic  and  one- 
dimensional  consolidation  tests  are  assumed  to  be  parallel, 
b  and  C   are  related  by 
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b  -  __  (4.17) 

2.303(l+e  ) 
o 

where  e   Is  the  Initial  void  ratio.   Wroth  and  Houlsby 
o 

(1985)  note  that  the  curves  are  not  parallel  »tnce  the  coef- 
ficient of  lateral  earth  pressure  K   Is  not  constant  during 

o 

unloading/reloading  and  that  Eq.  4.17  will  underestimate  b; 
however,  the  approximation  Is  adequate  for  most  purposes 
(Atkinson  and  Bransby,  1978).   Assuming  the  curves  are   par- 
allel, the  b-parameter  is  also  equal  to  1 /m    where  m    Is 

sw        sw 

the  swelling  modulus  number  determined  from  a  one- 
dimensional  consolidation  test  (Janbu,  1985). 


The  shear  modulus  is  known  to  Increase  with  I'  end 
with  overconsol idat ion  ratio  (OCR)  (Wroth  and  Houlsby, 
1985);  however,  test  data  on  the  relationship  Is  limited. 
In  this  work  It  Is  assumed  that  G  Is  either  constant  or  pro- 
portional to  the  bulk  modulus.   The  latter  allows  G  to 
Increase  with  ]'    but  the  effect  of  OCR  Is  not  considered. 
The  following  relation  Is  used 


G  c  G2  *  G1K  (4' 18) 

G  Is  a  constant  ■  G~  when  G.  =0.   For  G_  «  0,  G  Is  a  multi 
pie  of  K  which  implies  that  Poisson's  ratio  v'  fs  constant. 
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The  shear  modulus  can  be  evaluated  directly  using  the 
stress  strain  curve  from  simple  shear  test  results  since  by 
definition  (Chen  and  Saleeb,  1982) 

G  =  =J (4.  19) 

"l2 

where  r    Is  the  shear  stress  and  e._  is  the  shear  strain. 
Alternately,  Young's  modulus  E  can  be  evaluated  from  the 
slope  of  an  unloading/reloading  cycle  of  a  trlaxlal  test  and 
then  G  is  given  by  (Chen  and  Saleeb,  1982) 


G  =  5JjK|  (4.20) 


If  test  data  is  unavailable,  a  reasonable  value  of  Poisson's 
ratio  for  effective  stress  v'  can  be  assumed  (Wroth  and 
Houlsby,  1985)  and  G  is  computed  from 


_    3K(l-2v') 

G  =   2U+V)  (4'21) 


When  G  is  computed  using  Eq.  4.21,  G?  is  taken  as  zero  and 

_     3(l-2v')  _-,. 

G,  =   2(l+v')  (4'22) 


Taking  G  as  a  function  of  K  can  lead  to  generation  of  energy 
on  some  loading /unloading  paths  (Houlsby,  1985),  however, 
this  will  not  occur  for  monotonic  loading  as  considered 
herein.   Alternately,  If  G  Is  approximately  constant,  G.  is 
taken  as  0  and  G„  =  G. 
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4.2.3  Hardening  Parameters 

The  hardening  parameters,  D  and  W,  are  used  In  Eq.  3.5 

which  relates  movement  of  the  cap  to  plastic  volumetric 

strain.   They  ere  determined  from  the  results  of  hydrostatic 

consolidation  tests.   It  Is  assumed  that  the  unloading/ 

reloading  curves  are  linear  and  parallel  on  an  t  -ln(p') 

v 

plot  as  discussed  above.   Two  versions  of  the  procedure  are 
presented.   The  first  is  applicable  if  the  virgin  loading 
curve  Is  approximately  linear  on  an  e  -ln(p')  plot  over  the 
range  of  stress  of  interest  and  the  second  If  it  is 
nonl I  near . 

4.2.3.1  Linear  virgin  loading  curve.   Loading  on  the 
virgin  loading  curve  causes  both  elastic  and  plastic  volu- 
metric strains.   Three  points  on  the  virgin  loading  curve 
shown  on  Fig.  4.2  have  the  following  x-values  and  corre- 
sponding total,  elastic,  and  plastic  volumetric  strains 
where  x  Is  the  va 1 ue  of  I  J  for  stress  states  on  the  hydro- 
static axis. 

(xo'Cvo)   {   (xm'evm)   ;   (xfcvf)         (4'23a) 
(xo'£vo)   J   (xm'cvm>   J   (*fevf)         (4'23b) 

(X«'ew«)    *    (Xm'CCm)    J    (X«r'CC#->  (4.23C) 

o   vo        m   vm        r   vr 

p 
The  x  and  c   are  related  by  Eq.  3.5. 


1  IB 


> 


< 
CL 
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g       -Evf 


o 

CC 

\- 
UJ 
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Figure  4.2   Volumetric  strain  vs.  ln(p'). 
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cP   «=  W[exp(Dx  )  -  1]  (4.24a) 

vo  o 

eP   -  W[exp(Dx  )  -  I  ]  (4. 24b) 

vm  m 

tPf  ■  W[exp(Dxf)  -  1]  (4.24c) 

Subtracting  Eq.  4.24a  from  Eqs.  4.24b  and  4.24c  gives  the 
Change  In  plastic  volumetric  strain. 

AtP   „  =  W[exp(Dx  )  -  exp(Dx  )]  (4.25a) 

vo-»m  m  o 

Aevo-f  *  W[exp(Dxf)  -  exp(Dxo>]  (4.25b) 

Dividing  Eq.  4.25a  by  Eq.  4.25b  eliminates  W  and  rearrange- 
ment gives 

p 
6c  exp(Dx  )  -  exp(Dx  ) 

f^1-   =  * s_         {4>26) 

6c  ..      exp(Dx_)  -  exp(Dx  ) 

vo-»f  f  o 


Assuming  the  virgin  loading  curve  is  linear  with  a 
slope  of  a  on  an  c  -ln(p')  plot,  as  shown  on  Fig.  4.2,  the 
change  in  total  volumetric  strain  fs  given  by 


6c  «  -a  ln(x  /x  )  (4.27a) 

vo-*m  m   o 


Ae  ^  e   «  -a  ln(x,/x  )  (4.27b) 

V04T  f   o 


The  change  In  elastic  volumetric  strain  fs 


6ce  »  -b  ln(x  /x  )  (4.26a) 

vo^m  m  o 

6ce      c   «  -b  ln(x,/x  )  (4.26b) 

vo-»f  f   o 
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Subtracting  Eqs .  4.28  from  Eqs .  4.27  gives  the  change  in 
plastic  volumetric  strain. 

AeP     =  -(a-b)  ln(x  /x  )  (4.29a) 

vo-»m  m  o 

AeP  c    =  -(a-b)  ln(x./x  )  (4.29b) 

Substituting  these  equations  into  Eq.  4.26,  (a-b)  fs  elimi- 
nated giving 


ln(x  /x  )     exp(Dx  )  -  exp(Dx  ) 
m   o     m o 


(4.30) 


ln(x,/x  )     exp(Dx,)  -  exp(Dx  ) 
r   o  t  o 

Assuming  x   =  (x  +x,)/2  and  solving  for  Dx 
mot  o 

Dx   =   2  ln[(l-P)/P]  /  (x^/x  -1)  (4.31a) 

o  to 

ln[(l+x  /x  )/2] 

P  =   (4.31b) 

ln[xf /xo] 

This  shows  that  for  the  assumption  for  x   given  above  the 

m 

curve  fitting  parameter  D  is  a  function  only  of  the  initial 

stress  level  x   and  the  ratio  of  final  to  Initial  stress 
o 

x^/x  .   Values  of  Dx   for  selected  x^/x   are  given  in  Table 
r   o  o  to 

4.3  and  the  solution  is  shown  In  graphical  form  In  Fig. 
4.3a.   Small  increments  are  shown  on  Table  4.3  for  x,./x 
slightly  greater  than  1  and  the  solution  to  Eq.  4.31  Is 
shown  at  an  expanded  scale  In  Fig.  4.3b  since  *f/x0  f°r   most 
undralned  problems  fall  in  this  range.   D  is  then  found 
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Table  4.3 

Values  of  Dx   and  W/(a-b) 

for  selected  Values  of  x_/x. 


**/* 

Dx« 

W/(a-b) 

o 

0.  10 

-2.3286 

3.3139 

0.20 

-1.9144 

3.01  13 

0.30 

-1.6712 

2.8825 

0.40 

-1.5014 

2.8134 

0.50 

-1.3727 

2.7727 

0.60 

-1.2702 

2.7478 

0.70 

-1. 1858 

2.7327 

0.80 

-1. 1146 

2.7239 

0.90 

-1.0534 

2.7195 

1.00 

-1.0000 

2.7183 

1.02 

-0.9901 

2.7183 

1.04 

-0.9805 

2.7185 

1.06 

-0.9711 

2.7187 

1.08 

-0.9619 

2.7190 

1.10 

-0.9529 

2.7193 

1.  12 

-0.9442 

2.7197 

1.14 

-0.9356 

2.7202 

1.16 

-0.9272 

2.7208 

1.  18 

-0.9190 

2.7214 

1.20 

-0.91 10 

2.7220 

1.25 

-0.8917 

2.7239 

1.30 

-0.8733 

2.7261 

1.40 

-0.8392 

2.731  1 

1.50 

-0.8082 

2.7369 

1.60 

-0.7798 

2.7433 

1.70 

-0.7537 

2.7502 

1.80 

-0.7295 

2.7574 

1.90 

-0.7072 

2.7650 

2.00 

-0.6864 

2.7727 

2.50 

-0.6006 

2.8134 

3.00 

-0.5362 

2.8550 

4.00 

-0.4451 

2.9359 

5.00 

-0.3829 

3.0113 

6.00 

-0.3374 

3.0810 

7.00 

-0.3024 

3.1455 

8.00 

-0.2746 

3.2055 

9.00 

-0.2518 

3.2614 
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Figure  4.3   Df mens  Ion  1  ess  hardening  parameter  Dx   vs.  *f/x0' 
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Figure   4.3,    continued. 
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after  x   Is  calculated.   Methods  to  calculate  x,./x   and  x 


o 
are  given  In  the  next  section 


The  W  parameter  Is  determined  by  combining  Eqs.  4.25b 
and  4.29b. 

W[exp(Dxf)  -  exp(DxQ)]  =  -(a-b)  ln(xf/xo)     (4.32) 
Converting  to  dlmens lonl ess  form  and  rearranging  gives 


.,  -ln(x-/x  ) 

W      f__° (4.33) 


(a-b)  ~  exp[(Dx  )(xf/xo)]  -  exp[Dxo] 
Since  Dx   is  a  function  only  of  x.-/x  ,  the  value  of  W/(a-b) 

o  TO 

Is  also  a  function  only  of  x^/x  .   The  solution  to  Eq.  4.33 

r   o 

is  shown  on  Figs.  4.4a  and  4.4b.   w/(a-b)  is  given  for 

selected  values  of  x^/x   in  Table  4.3.   W  Is  then  calculated 

f   o 

us  1 ng  (a-b) . 


In  most  cases  hydrostatic  consolidation  test  results 
are  unavailable.   However,  the  virgin  consolidation  curves 
on  c  -ln(p')  plots  from  hydrostatic  and  one-dimensional  con- 
solidation tests  are  parallel  since  K   Is  constant  for  vir- 
gin loading  (Wroth  and  Houlsby,  1985)  and  a  can  be  computed 
from 


C 


2.303( 1+e  ) 
o 


" (4.34) 
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Figure  4.4   Hardening  parameter  W/(a-b)  vs.  *xVx  • 
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Figure  4.4,  continued. 
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where  C   1s  the  coefficient  of  consolidation  from  e  one- 

c 

dimensional  consolidation  test.   The  a-parameter  Is  also 

equal  to  I /m   where  m   Is  the  modulus  number  determined  from 
o        o 

one-dimensional  consolidation  tests  (Janbu.  1985).   The 
value  of  b  Is  computed  using  Eq.  4.17. 


4.2.3.2  Nonlinear  virgin  loading  curve.   For  undralned 

loading  the  movement  of  the  cap  from  Its  Initial  to  Its 

failure  position  Is  small  and  xf/x   Is  slightly  greater   than 

1.   A  close  approximation  to  the  a-value  over  the  range  of 

stress  from  x   to  x.  Is  obtained  from  the  slope  of  the  vir- 
o      f 

gin  consolidation  curve  at  x  .   Similarly  C   is  approximated 
"  o  c 

by  the  slope  at  o'  .   The  hardening  parameters  are  then 

vo 

determined  using  the  procedure  given  above  for  linear  virgin 
loading  curves. 


A  general  procedure  Is  now  given  for  drained  conditions 
where  x„./x   is  often  much  greater  than  1  and  the  virgin 

T   O 

loading  curve  is  nonlinear.   Three  points  on  the  virgin 
loading  curve  In  an  e  -ln(p')  or  e  -p'  plot  spanning  the 
range  of  stress  Involved  In  the  problem  are  chosen  giving 
three  pairs  of  x  and  total  volumetric  strain  (Eq.  4.23a)  as 
•hown  In  Fig.  4.2.   The  change  In  total  volumetric  strain  is 

tc  ■  £    -  e  _  (4.35a) 

vo-»m     vm    vo 

Ae    ,c«e.c-e_  (4.35b) 

vo*f     vf     vo 
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Next,  the  change  in  elastic  volumetric  strain  Is  computed 
using  Eqs.  4.28a  and  4.28b.   The  change  in  plastic  volumet- 
ric strain  Is  obtained  directly  from  test  results  using  Eqs. 
4.36  rather  than  from  Eq.  4.29  which  assumes  that  the  virgin 
loading  curve  is  linear. 

AeP     =  Lc  -    tce  (4.36a) 

vo-»m      vo+m      vo-»m 

AeP   ,  =  Ae    -  -  Ae6  *  (4.36b) 

vo-»f      vo*f      vo-»f 

These  results  are  then  substituted  in  Eq.  4.26  and  D  Is 
found  by  trial  and  error.   Finally,  W  is  calculated  using 
Eq.  4.25a  or  4.25b.   The  fit  of  the  predicted  curve  (Eq. 
3.5)  to  the  observed  data  should  be  checked  for  several  val- 
ues of  x.   A  similar  procedure  was  given  by  Desai  and 
Siriwardane  (1984)  and  Humphrey  (1985a). 

4.2.4  Cap  Parameters 

4.2.4.1  Aspect  ratio.   The  aspect  ratio  R  is  determined 
from  shear  tests  on  normally  consolidated  soil  where  the 
loading  path  causes  the  cap  to  expand.   It  is  assumed  that  R 
remains  constant  as  the  state  of  stress  moves  from  the  Ini- 
tial to  the  failure  condition  and  that  R  Is  Independent  of 

xo* 


The  Initial  state  of  stress  (I'  ,  jj{2)  for  nor- 

lo    CO 

mally  consolidated  soil  1 s  on  the  cap  and  the  failure  state 
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1  /2 
of  stress  ( 1 '  .  J2f     )  Is  at  the  Intersection  of  the 

cap  and  ultimate  failure  surface  as  shown  on  Fig.  4.5.  The 
movement  of  the  cbp    Is  exaggerated  for  clarity.   The  Initial 
state  of  stress  Is  calculated  from  the  vertical  consolida- 
tion stress  o'   and  the  normally  consolidated  coefficient 
vo 

of  lateral  earth  pressure  K   which  Is  given  by 

o 

K   =  o;  /a'  (4.37) 

o     ho   vo 

where  o'   Is  the  horizontal  effective  stress.   Eqs .  3.1 
ho 

1/2 
and  3.2  are  used  to  calculate  I'   and  J  '   for  a'    « 

lo       2o        1 

o'   and  a'    e  a'    «=  o'  . 
vo       2     3     ho 

I ;   =  a'     (1+2K  )  (4.38) 

lo     vo      o 

ji/Z    =  TT-o'     (1-K)  (4.39) 

2o     v3    vo     o 


At  failure  Eq.  3.3  Is  used  to  relate  I'   and  J^2 

Ijf  =  U  -  J2f2)/o  (4.40) 


1/2 
The  ratio  J  '  /a'       Is  Introduced  as  a  normalized 
2f    vo 

measure  of  the  shear  stress  at  failure.   The  ratio  Is  nega- 
tive since  compressive  stresses  and  hence  o'   are  nega- 

vo 

tlve.   For  undralned  trlexlal  compression  or  extension,  Eq. 
3.2  is  used  to  show  that 

j2f2"vo  -  -^-(su/°;o)  (4'41) 
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Figure  4.5   Cap  model  response  for  undralned  shear. 
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where  s  /a '        is  the  undrained  shear  strength  ratio  of  nor- 
u   vo 

ma  1 1 y  consolidated  samples.   For  undrained  plane  strain  con- 
ditions the  relation  depends  on  n  (Eq.  4.7) 

J2f2/ovo  "  -TT'V^o*  <n2-n+l),/2  (4.42) 


Choice  of  the  n  parameter  Is  discussed  In  Chapter  5.   When 

results  from  plane  strain  or  true  trlaxial  tests  are  avall- 

1/2 

able,  J  '   should  be  calculated  using  Eq.  3.2  and  the 

measured  principal  stresses  at  failure. 


The  plastic  volumetric  strain  caused  by  the  cap  moving 
from  the  Initial  to  the  failure  position  Is  given  by  Eq. 
4.25b  which  is  rearranged  giving 

V*o  =  OT    ,ntexp(Dxo)  +  -i~Acvo*f]         (4.43) 


For  a  linear  unloading/reloading  curve  on  an  c  -ln(p')  plot 
Eq.  4.28b  gives 

A£vo*f  c  "b  ,n(Iif/,io)  (4'44) 

For  undrained  conditions  AeP   ,  ■  -Aee   ..  so  combining 

vo*f       vo^f 

Eqs.  4.43  and  4.44 

Vxo  "  Dx~  'n[exp(Dxo>  -  ^ln(  I  Jf  /!  Jq)]       (4.45) 


Substituting  Eqs.  4.38  and  4.40  gives 
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■e/o' 


xf/xo  c  Dx~  'n<exp(Dxo) 
o 


w/b 


ln[ 


Y2- 


J2f  /0vo 


o(l+2K  ) 
o 


]}   (4.46) 


This  equation  should  be  used  to  calculate  x,./x   when  the 

f   o 

virgin  loading  curve  is  nonlinear. 


If  both  the  virgin  loading  and  unloading/reloading 
curves  are  linear,  using  Eq.  4.29b 


xf/xQ  =  exp[-Ae^f/(a-b)] 


(4.47) 


which  for  undrained  conditions  and  substituting  Eq.  4.44 
becomes 


V*o  =  «pr-Sb1n«,if/,Jo)3 


(4.48) 


Note  that  (a-b)/b  =    (C  -C  )/C  .   Substituting  Eqs.  4.38  and 

c   r    r 

4.40 


Xf/xo 


exp{^b  ,nt o(l  +  2K  ) ]) 


(4.49) 


This  equation  is  used  for  undrained  conditions  if  both  the 
virgin  loading  and  unloading/reloading  curves  are  linear. 


The  equations  for  the  cap  (Eq.  3.4)  and  ultimate  fail- 
ure surface  (Eq.  3.3)  are  used  to  relate  the  Initial  x   and 

o 

failure  x_  positions  of  the  cap  to  the  aspect  ratio  R 
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x  ,  ^Hlfli  RE^0<Q2^-n.(oi;o)2^?-2o^;oD1/z  (4>50) 

°  1  -  oR 


xf  «  [c  -  J^2(  l+aR)]/o  (4.51) 

Dividing  Eq.  4.51  by  Eq.  4.50 

Ck(I-oR)  -  J^2(l+o2R2)]/o 

r   °   -R<+i;   -  R[J,  (a  R  -l)+(ai;  )S*  -2acl'  D  ' 

lo        Zo  lo  Jo 

This  expression  Is  rewritten  by  substituting  Eqs .  4.38, 
4.39,  and  4.40. 

[U/o'  )U-aR)  -  (j!'2/o'  )(l-a2R2)]/o 

.       yo Zr yo ,  .    _  _  , 

xf/x   «   * — (4.53) 

-RU/o'  )  +  (1+2K  )  -  R(H)  ' 
vo  o 

where 

H  =  (1-K  )2(a2R2-l)/3  +  o2(l+2K  )2  +  (</o'  )2  - 
o  o  vo 

2a(r/o'  H1+2K  )  (4.54) 

vo       o 

1/2 
The  dlmenslonless  ratios  r/o'   and  J  '  /o'   were 

vo       2f    vo 

Introduced.   It  Is  recalled  that  jl£2/o'   Is  related 

2f    vo 

to  s  /a'       (Eqs.  4.41  and  4.42).   Both  ratios  are  negative 
u   vo 

since  compressive  stresses  are  negative.   For  soils  with 
zero  cohesion,  k    =  0,  and  Eqs.  4.53  and  4.54  become 

-  ( J^2/ovo)(l-o2R2)/q 

**/*«  "  1 9 9~9 ? 2  1  /?  (4.55) 

r   °    1+  2K   -  R[£(l-K  )*(o  R  -1)  4  <*  (1  +  2K  )cyfC 
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For  initfal  hydrostatic  conditions  (K   =1)  Eq.  4.55  is 

o 

solved  directly  for  R 

R  =  -3(xf/xo)/(J^2/o;o)  -  J  (4.56) 


R  fs  found  using  Eqs.  4.53  through  4.56  using  the  value  of 

x_/x   from  Eq.  4.46  (non-linear  virgin  loading  curve)  or  Eq. 
f   o 

4.49  (linear  virgin  loading  curve).   Eqs.  4.53  through  4.55 
cannot  be  solved  explicitly  for  R  so  a  trial  and  error  solu- 
tion Is  necessary. 


Examination  of  the  equations  relating  R  to  x^/x0  (Eps. 

4.53  through  4.56)  and  x,/x   to  compressibility  for  linear 

f   o 

virgin  loading  and  unloading/reloading  curves  (Eq.  4.49) 

1/2 

shows  that  R  is  a  function  of  a,  </a'     ,  J--  fo', 

vo    2f    vo 

K  ,  and  the  ratio  (a-b)/b.   There  are  three  limitations  on 
o 

allowable  combinations  of  these  parameters.   The  first  Is 
that  j!/2  be  less  than  jl£2.   This  Is  satisfied 

ZO  Zf 

provided 

(l-Ko)//3  <  -J2f2/ovo  (4*57) 

The  second  Is  that  the  aspect  ratio  R  must  be  greater  than 

0.   For  undralned  conditions  this  requires  that  I'   > 

lo 

I'  .   This  restriction  Is  met  provided 

|JZf2/ovo'  <  U/ovo  -  °<»+2K0>l  (4.58) 


\3l 


The  third  restriction  Is  on  the  value  of  *f/x0-  For    8  9'ven 

set  of  */°vo«  J2f2/°vo  Bnd  Ko'  fl  plot  °f  Xf/xo  Ver" 

sus  R  calculated  using  Eq.  4.52  shows  that  a  maximum  value 

of  x,/x   occurs  at  R     (Fig.  4.6).   The  value  of  x^/x 
t      o  max  t   o 

obtained  from  Eq.  4.46  or  4.49  must  be  less  than  (x^/x  ) 

f   o  max 

i  /? 
This  restriction  is  violated  only  when  J     approaches 

1/2 

J*'   and  (a-b)/b  Is  small.   R     Is  the  value  which  sat- 
2f  max 

isfies  the  first  derivative  of  Eq.  4.53  with  respect  to  R 


8(Eq-  4.53)    u'v-uv'    n 

3R  2     '  u 

v 


(4.59) 


where 


u  =  [{</o'     )(l-aR)  -  <j!'2/o'  )(l-a2R2)]/o  (4.60) 

VO  CT  VO 

v  =  -R(k/o'  )  +  (1  +  2K  )  -  RH,/2  (4.61) 

vo  o 

U'  =  2aR(J^2/o;o)  -  K/o;o  (4.62) 

v'  -  -</o^o  -  [aR(l-Ko)]2/(3H,/2)  -  H,/2       (4.63) 

Eq.  4.59  Is  solved  by  trial  and  error  for  R    .   A  simple 

program  on  a  programmable  calculator  or  computer  facilitates 

the  computations  (Humphrey  and  Holtz,  1986a).   The  value  of 

(x,/x  )     is  then  found  by  substituting  R     In  Eq.  4.52. 
r   o  max  max 

R    and  (x,/x  )     equal  Infinity  when  both  k    «  0  and  K   = 
max       f  o  max  o 

I. 
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(X-/X      ) 

f      o   max 

^^ 

R 
max 

ASPECT  RATIO,  R 


Figure  4.6   xf/x0  vs •  aspect  ratio  calculated  using 
Eq.  4.53. 
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The  relation  between  the  Input  parameters  and  R  was. 
examined.   R  Is  plotted  against  J2f    /°'yo   for  *    m    °  and 

selected  values  of  o,  K  .  and  (a-b)/b  In  Figs.  4.7  through 

o 

4.15.   o-values  of  0.1090.  0.1893.  and  0.2730  were  used 

which  correspond  to  ♦  '  of  15°.  25  ,  and  35   for  trlaxla! 

compression.   For  o  and  K   fixed.  R  Is  seen  to  decrease  as 

o 

j[i2/a'      or  (a-b)/b  Increase.   The  effect  of  K   on  R 
2f    vo  o 

Is  shown  In  Fig.  4.16  for  o  =  0.1893.  <    =  0 .  and  (a-b)/b  = 
5.   In  general,  R  for  Initial  hydrostatic  (K   «  1)  and  non- 
hydrostatic  conditions  are  different.   For  given  o, 

j\i2/a'     ,  and  (e-b)/b,  the  effect  of  c/o'   >  0  I s  to 
2f    vo  vo 

Increase  R  as  shown  in  Fig.  4.17. 

4.2.4.2  Initial  cap  position  for  normally  consolidated 

soil.   The  Initial  cap  position  x   depends  on  o'  ,  K  ,  o, 
o  vo    o 

r/o'  ,  and  R.   It  is  calculated  using  Eq.  4.50  modified  bv 
vo 

substituting  Eqs .  4.38  and  4.39;  rearrangement  gives 

1/2 

(4.64) 


x   =  [o^o/(I-oR)]  t-R(</o'vo)    +  (l«-2Ko)  -   RH    > 


where  H  Is  given  by  Eq.  4.54.   For  r  «  0  Eq.  4.64  reduces  to 


xo  '    [°VC/<1-°R>) 

{(1+2K  )  -  R[(l-Ko)2(a2R2-l)/3  +  o2 ( l+2Ko>2 ] ' /2}   (4.65) 
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Figure  4.7   Aspect  ratio  vs.  strength  ratio  (Jpf^^vo* 

for  a  «  0.1090,  r  ■  0,  and  K   ■  0.65. 
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Figure  4.8   Aspect  ratio  vs.  strength  ratio  (jl£2/o'    ) 

C.T  VO 

for  o  •  0.1090.  *  •  0.  and  K   «  0.75. 

o 
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Figure  4.9   Aspect  ratio  vs.  strength  ratio  (J2f  ^°vo* 


for  o  •  0.1090,  k    -  0,  and  Kq  «=  1.00. 
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I  /2 
Figure  4.10  Aspect  ratio  vs.  strength  ratio  (J2f  /°vo) 

for  o  »  0.1893,  <c   »  0.  and  K   ■  0.50. 
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1/2 
Figure  4.11   Aspect  ratio  vs.  strength  ratio  (J?f  /°vo' 

for  a  «  0.1893,  k   «  0,  and  K   *  0.60. 
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Figure  4.12   Aspect  ratio  vs.  strength  ratio  (ji£2/o'  ) 

for  o  *  0.1893,  k  »  0,  and  K   *  1.00. 
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Figure  4.13   Aspect  ratio  vs.  strength  ratio  (jli2 fa'    ) 

cr         vo 

for  o  «  0.2730,  r  ■  0,  and  K   «  0.40. 
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Figure  4.14   Aspect  ratio  vs.  strength  ratio  (J2f  /o^ 
for  o  »  0.2730.  *  «  0,  and  KQ  -  0.50. 
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1/2 
Figure  4.15   Aspect  ratio  vs.  strength  ratio  (J2f  /o'VQ) 

for  a  ■  0.2730,  c  «  0,  and  K   «  1.00. 
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Figure  4.16   Effect  of  K  on  the  aspect  ratio  for 
o  *  0.1693,  r  ■  0,  and  (e-b)/b  «  5. 
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Figure  4.17   Effect  of  </o'       >  0  on  the  aspect  ratio  for 
a  «  0.1893,  (e-b)/b  «  5,  and  KQ  =  0.5. 
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For  the  further  restriction  of  hydrostatic  conditions  (K 
1)  Eq.  4.65  becomes 


x      '    3a'  (4.66) 

o      vo 


4.2.4.3  Initial  cap  position  for  overconsol Idated  soil 

The  ratio  s  /o'       is  generally  less  for  overconsol Idated 
u   vc 

(OC)  than  for  normally  consolidated  (NO  soil  where  a*       Is 

the  maximum  past  vertical  consolidation  stress.   Note  that 

the  commonly  used  ratio  s  /a'       is  higher  for  OC  soil 
7  u   vo 

(Ladd,  et  el.*  1977).   The  cap  model  represents  this  behav- 
ior by  contraction  of  the  cap  due  to  the  dilation  that 
occurs  for  loading  on  the  ultimate  failure  surface.   No 
dilation  or  contraction  is  allowed  for  loading  within  the 
region  bounded  by  the  cap  and  ultimate  failure  surface. 


The  stress  path  for  overconsol 1  dated  soils  whose  stress 
path  intersects  the  ultimate  failure  surface  prior  to  reach- 
ing the  cap  is  shown  in  Fig.  4.18.   The  path  rises  verti- 
cally until  reaching  the  ultimate  failure  surface,  then  fol- 
lows the  surface  causing  positive  plastic  volumetric  strain 
(dilation)  and  contraction  of  the  cap  (Fig.  3.2b).   This  is 
intended  to  account  for  the  reduction  in  strength  that  OC 
soils  experience  when  they  dilate.   The  stress  path  contin- 
ues to  follow  the  ultimate  failure  surface  until  Intersect- 
ing the  corner  of  the  cap  at  J^  •   McCarron  (1985) 
found  that  the  model  underestimated  contraction  of  the  cap 
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PI 


Ultimate  Failure 
Surface  for  OC  Soil 


Initial  Position  of  Cap 


Stress  Path 


State  of  stress: 

A  -  Normally  consolidated 

B  -  After  unloading  (overconsol 1  dated) 

C  -  Overconsol 1  dated  at  failure 

Figure  4.18   Effective  stress  path  predicted  by  cap  model 
for  overconsol 1  dated  soil. 


due  to  plastic  di latlon  for  the  portion  of  the  stress  path 
on  the  ultimate  failure  surface.   Consequently  the  undralned 
shear  strength  for  OC  soil  Is  overestimated.   This  Is  felt 
to  be  due  to  plastic  dilation  which  overconsol 1 dated  soils 
undergo  for  loading  In  the  region  bounded  by  the  ultimate 
failure  surface  and  the  cap,  and  possibly  because  the 
assumption  of  a  normal  flow  rule  for  the  ultimate  failure 
surface  Is  not  valid. 

To  obtain  a  correct  prediction  of  the  undralned  shear 

strength  McCarron  (1985)  proposed  that  the  cap  be  fixed  at 

1/2 
the  position  passing  through  the  correct  C I ' _ »  J?f.  ). 

For  this  condition  x   Is  given  by 

o 

x   =  </a  -  jl^2(R  +  1/a)  (4.67) 

O  CT 

The  cap  Is  not  allowed  to  contract  due  to  the  dilation  which 
occurs  for  the  portion  of  the  stress  path  on  the  ultimate 
failure  surface.   The  consequence  of  this  procedure  Is  that 
pore  pressure  predictions  are  unreliable. 

The  ultimate  yield  surface  for  overconsol 1  dated  soil 
general ly  lies  above  the  normally  consolidated  ultimate 
yield  surface.   Where  possible  a  and  c  should  be  determined 
for  the  overconsol Idated  state. 
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4.2.4.4  Reversal  of  principal  stresses.   Reversal  of 

principal  stresses  occurs  when  the  minor  principal  stress  is 

Increased  to  failure  or  the  major  principal  stress  Is 

decreased  to  failure.   This  occurs  for  K   consolidated  sam- 

o 

pies  sheared  on  axial  extension  and  lateral  compression 
stress  paths.   The  state  of  stress  begins  on  the  cap,  how- 
ever, the  shear  stress  Is  initially  reduced  and  the  stress 
state  moves  Into  the  elastic  region.   The  cap  model  predicts 
a  stress  path  having  the  shape  shown  In  Fig.  4.19.   For  con- 
venience states  of  stress  where  a'    <  o'    are   plotted 

v     h 

below  the  I  J  axis.   The  path  moves  vertically  downward 
until  It  reaches  the  cap  and  only  elastic  strains  occur. 
Then  the  path  follows  the  cap   and  the  cap  expands  causing 
plastic  strains.   Failure  occurs  when  the  state  of  stress 
reaches  the  ultimate  failure  surface.   This  stress  path  dif- 
fers significantly  from  the  behavior  of  many  soils  (Fig. 

4.19)  and  often  j!^2  is  less  than  J,'  .    It  is  not 

2f  2o 

possible  to  calibrate  the  model  for  this  situation  since  Eq. 

1/2 
4.57  is  not  satisfied.   However,  when  J  '   Is  less  than 

Zo 

1/2 
J  '   the  model  can  be  calibrated  to  yield  the  correct 

1/2 
J  '  •  although  predicted  pore  pressures  will  likely  be 

in  error. 


The  inability  of  the  model  to  represent  this  behavior 
Is  because  stress  changes  within  the  region  bounded  by  the 
cap  and  ultimate  failure  surfaces  cause  only  elastic  strains 
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Figure  4.19   Effective  stress  path  predicted  by  cap  model 

for  samples  that  undergo  reversal  of  principal 
stresses. 
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and  the  cap  and  ultimate  failure  surfaces  are  symmetric 
about  the  I  J  axis.   This  Is  not  the  case  for  real  soils 


4.2.5  Initial  Stresses 

The  initial  state  of  effective  stress  Is  calculated 
using  the  following  equations 

o'   =  A,  +  zy  (4.68) 

vo     2 

o/   =  K  a'  (4.69) 

ho     o  vo 

where      A_  =  surcharge  load 

Y   =  average  unit  weight  of  soil 

z   =  depth  below  ground  surface 

K   =  initial  coefficient  of  lateral  earth 
o 

pressure 

The  ground  surface  is  assumed  to  be  horizontal.   The  average 
unit  weight  y  Is  a  weighted  average  of  the  unit  weights  of 
soi 1  above  the  depth  z  such  that 


1=n 

z1Yf  (4.70) 


*    =    1  =  1 


where     z,  =  thickness  of  1    soil  layer 


y       =  unit  weight  of  1   '  soil  layer-  total  unit 

weight  above  water  table;  buoyant  unit  weight 
below  water  table 

n   «  number  of  soil  layers 


For  normally  consolidated  soils  K   Is  the  same  as  the  K 

o  o 

used  to  calculate  the  hardening  parameters  and  aspect  ratio, 

For  overconsol 1  dated  soils  K   Is  generally  greater  than 

o 

the  normally  consolidated  K  . 

o 


4.2.6  Pore  Pressure  Response  Factor 

The  pore  pressure  response  factor  6  was  defined  In 
Section  3.5.   The  actual  value  of  B  has  a  small  effect  on 
computed  soil  behavior  provided  the  stiffness  of  the  pore 
fluid/soil  particle  system  Kf  Is  much  greater  than  the 
stiffness  of  the  soil  skeleton  K.   Naylor  (1973)  recommends 
6=10  for  undrelned  saturated  conditions.   B  is  zero  for 
completely  drained  conditions.   The  model  calculates  pore 
pressures  with  Eq.  3.42. 

4.3  PROCEDURE  TO  FIND  CAP  PARAMETERS 

The  procedure  to  find  the  Input  parameters  for  the  cap 
model  for  undralned  conditions  Is  given  below.   The  soil 
properties  required  to  calibrate  the  model  are  shown  In 
Table  4.4.   Host  of  them  are   obtained  from  consolidation 
tests  and  laboratory  or  in  situ  strength  tests.   In  some 
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cases  it  may  be  necessary  to  estimate  a  few  of  these  proper- 
ties.  The  values  of  K   and  s  /a'       should  correspond  to 

o      u   vo 

normally  consolidated  conditions  since  the  shape  of  the  cap 
is  determined  by  normally  consolidated  soil  behavior.   Fur- 
thermore, K   should  be  chosen  to  match  the  test  or  in  situ 
o 

conditions  that  will  be  modeled. 


Table  4.4 

Soil  properties  required  to 

calibrate  cap  model. 


c' 


s  /a' 
u   vo 

C 

c 

C 

r 


V 

e 


y      for  soil  above  water  table 

v     for  soil  below  water  table 
'sub 

K 
o 


The  procedure  assumes  that  the  virgin  loading  and 
unloading/reloading  curves  can  be  approximated  as  straight 
lines  on  an  e  -ln(p')  or  e-log(o')  plot  over  the  range  of 
stress  Involved  In  the  problem.   For  nonlinear  virgin  load- 
ing curves  It  is  generally  sufficient  to  approximate  C  as 

c 

the  tangent  at  o'  . 

vo 
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The  steps  In  the  procedure  are  outlined  below.   As  a 

general  rule  the  cap  parameters  should  be  matched  to  the 

soil  properties  for  the  field  or  test  conditions  that  will 

be  analyzed.   For  example.  If  the  parameters  will  be  used  to 

analyze  the  soft  soil  beneath  an  embankment  then  they  should 

be  determined  for  plane  strain  conditions  with  the  tn  situ 

K   even  If  the  soil  strength  properties  were  obtained  from 
o 

hydrostat 1 ca 1 ly  consolidated  trlaxlal  tests.   Application  of 

the  procedure  Is  Illustrated  with  two  examples.   A  simple 

computer  program  to  calculate  Dx  ,  W/(a-b),  x,/x  , 

o  to 

(x_/x  )    ,  and  R     Is  given  in  Humphrey  and  Holtz  (1986a). 
r   o  max        max 

Equations  used  In  the  procedure  are  summarized  In  Table  4.5 
for  easy  reference. 

4.3.1  Steps  to  Find  Cap  Parameters 

1.  Initial  vertical  stress.   Calculate  the  initial 

vertical  effective  stress  o'   using  total  unit  weight 

vo 

above  the  water  table  and  buoyant  unit  weight  below  the 
water  table.   The  ground  surface  Is  assumed  to  be 
hor 1 zonta 1 . 

2.  q  and  k.   The  Drucker-Prager  parameters  (a  and  t. ) 
are   matched  to  the  Mohi — Coulomb  parameters  (♦'  and  c')  for 
the  conditions  that  will  be  modeled.   Use  Egs.  4.1  and  4.2 
If  trlaxlal  compression  tests  will  be  modeled  or  Eqs.  4.3 
and  4.4  for  trlaxlal  extension  texts.   For  plane  strain 
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Table  4.5 
Summary  of  equations  for  cap  parameters 


A.  Ultimate  failure  surface 

1.  Trlaxlal  compression 

2s  in*'  ,.     ,  . 

°  =  ,/3(3-sin*')  (4'  1} 

_6c'cos*'  ,  .  _ % 

K   =  /3(3-sin*')  (4-2) 

2.  Trlaxlal  extension 

2sin*'  ,   . 

°  =  yj(3+sin*')  (4'3) 

6c'cos*' 
K    =  y3(3  +  sin4»')  (4'4) 

3.  Other  conditions 

q    =    ^sin*'    /    [sin(6    +    n/3)    -y^cos(e    +    tt/3)    sin*']       (4.8) 


k    =      c    cos*'    /    [sin(6    +  tt/3)  -y|cos(6    +    Tt/3)    sin*']     (4.9) 
where 

cosae  ■  1  »n  -  an  -  3n  +  8 

(n  -  n  +  1  ) 


B.  Elastic  behavior 


Kj  =  1/b   ;   K2  =  1  (4. 16) 

C 

b  =  r  (4.17) 

2.303( 1+e  ) 
o 

Gl  =  3z\~lll'']       ■   G2  =  °  (4-22) 
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Table  4.5 
Cont I nued . 


C.  Hardening  parameters  (virgin  loading  curve  linear  on 
e  -ln(p')  plot) 

1.  Equation  for  Dx 

o 

Dx   -  2  ln[(l-P)/P]  /  (x^/x   -  1)  (4.31a) 

O  TO 

ln[(l+xf/x  )/2] 

P  ■   (4.31b) 

1n[xf/xo] 

2.  Equation  for  W/(a-b) 


W  -ln(xf/xo) 


(a-b)    exp[ (Dxq) (xf/xo)]  -  exp[Dx  ] 


(4.33) 


C 

a  =  C  (4.34) 

2.303(l+e  ) 
o 


D.  Aspect  ratio 

I.  Equations  for  j!'2/o' 

2f    vo 

j2f2/ovo =  -^(su/o;0)  (4'41) 

J2f2/ovo  c  -7r(su/°;o)  <n2-n+l),/2  (4.42) 


2.  Equation  for  x~/x       (virgin  loading  curve  linear  on 


ev-1n(p')  plot) 


k/o'      -  j!'2/o' 

-b       vo     2f    vo. 


xf/xo  «  exP{—  bin[ o    -     -]}      (4.49) 
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Table  4.5 
Cont I nued . 


D.  Aspect  ratio  (continued) 
3.  Equations  for  R 

a.  General  equation 

[U/o'     )(1-qR)    -    (jl^2/o'     )(l-a2R2)]/Q 

x_/*o  = *> ^ — *° — rr2 (4.53) 

f       °  -RU/C     )    +     (1+2K     )    -    R(H)]/* 

vo  o 

where 

H    =     (1-K    )2(a2R2-l )/3    +    a2(l+2K    )2    +    (</o'     )2    - 
o  o  vo 

2aU/o'     )(1+2K    )  (4.54) 

vo  o 

b.  Special  case,  <  =  0 

1/2  2  2 

-(Ji£  /*'  )d-Q  R  )/a 

x  /x   =  ^ ^ (4.55) 

f   °    1+  2K   -  R[^(l-K  )2(a2R2-l)  +  a2(l+2K  ) 2 ] ' /2 
O      J     o  o 

c.  Special  case,  <  =  0  and  K   =  1 

o 

R  =  -3(xf/xo)/(j'/2/o;o)  -  J  (4.56) 

3.  Restrictions  on  Input  parameters 

d-Ko)/yi  <  -J2f2/°;0  (4-57) 

|J2f2/°vo'  <  U/°vo  "  a<1+2Ko>'  (4-58) 

See  also  Eqs.  4.59  through  4.63 
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Table  4.5 
Cont 1 nued. 


E.  Initial  position  of  cap 

1.  Normally  consolidated  soil 
a.  General  equation 

xo  "  [oCo/(,"aR)]  C"RU/ovo)  *  n*2K0)  -  RH,/2> 


(4.64) 


b.  Special  case,  k    =  0 

xo  ■  t°;0/(1'oR)]  x 

{(1+2K  )  -  R[(l-K  )2(a2R2-l)/3  +  o2(l+2K  )2)1/2}   (4.65) 
o  o  o 

c.  Special  case,  *  =  0  and  K   *  1 

o 

x   =  3a'  (4.66) 

o      vo 

2.  Overconsol 1  dated  sol  1 

x^  «  k/q  -  ji'2(R  +  l/o)  (4.67) 

O  CT 

F.  Initial  stress  -  average  unit  weight 

1=n 
Y  ■  f=1  Z«Y«  (4.70) 


:SCKBBBKSB  =  SE1 
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conditions  a  value  of  n  (Eq.  4.7)  Is  estimated  (see  Chapter 
5)  and  Eqs .  4.8  and  4.9  are  used.   Alternately,  If  plane 
strain  test  results  are  available,  a  and  <    should  be 

obtained  from  the  slope  and  intercept  of  the  best  fit 

1  /2 
straight  line  on  an  plot  of  J?f      versus  \']f. 

The  value  of  the  tension  cut-off  T   for  soils  with  non- 

c 

zero  cohesion  Is  estimated  to  be  a  small  positive  value. 
Soils  with  zero  cohesion  cannot  develop  tension  so  the  value 

of  T   Is  not  Important  and  It  can  be  taken  as  1.0. 

c 

1  /? 

3.  J~  Jo'       ratio.   The  match  between  s  /a' 
— 2f  ■*— vo u   vo 

1  /Z 

and  J  '  /a'      also  depends  on  the  condition  to  be  mod- 
Zf    vo 

eled.   If  triaxial  compression  or  extension  tests  will  be 
modeled  use  Eq.  4.4  1.   To  model  plane  strain  conditions  use 
Eq.  4.42  with  the  estimated  n  or,  if  plane  strain  test 
results  are  available,  the  ratio  should  be  obtained  from 
measured  stresses  using  Eq.  3.2. 

4.  a  and  b.   These  parameters  are   the  slopes  on  an 

e  -ln(p')  plot  of  the  virgin  loading  and  unloading/reloading 

curves  from  hydrostatic  consolidation  tests.   If  only  C   and 

C   are  available  from  one-dimens lona 1  consolidation  tests, 

Eqs.  4.34  and  4.17  are   used  to  find  a  and  b.   The  a-value 

for  nonlinear  virgin  loading  curves  Is  approximated  as  the 

tangent  at  the  estimated  x  .   The  estimated  x   Is  compared 

o  o 
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to  the  value  calculated  in  step  9  and,  if  necessary,  a  new 
a- value  should  be  computed. 

5 .   Compatibility  of  strength  parameters  with  initial 

state  of  stress.   Check  the  compatibility  using  Egs.  4.57 

and  4.58  with  the  K   for  the  conditions  that  will  be  mod- 

o 

eled.   If  they  are    incompatible  revise  the  input  parameters 


6.   Modulus  parameters.   K   is  found  using  Eg.  4.16  and 

K„  =  1 •   Values  of  A  are    given  in  Table  4.2  and  it  should 
2  P 

be  chosen  to  have  units  consistent  with  the  stress  units. 
Calculate  G   using  Eq.  4.22  and  take  G„  =  0  or,  if  G  is 
approximately  constant,  set  G.  =  0  and  G?  =  G. 


7.   x_/x   ratio.   Use  Eq.  4.49  to  calculate  x,_/x  . 
— f*— o f   o 

Calculate  R     using  Eq.  4.59  and  the  corresponding 
max 

(x^/x  )     from  Eq.  4.53  or  4.55.   Check  that  x^/x   < 
f   o  max  f   o  - 

(x_/x  )    ;  if  not,  revise  the  input  parameters.   When  both 
f   o  max 

k  =  0  and  K   =  1,  R     and  (x^/x  )     are    infinite, 
o        max        f   o  max 


8.   Aspect  ratio,  R.   Use  Eq.  4.53,  4.55,  or  4.56  with 

the  value  of  K   for  the  problem  that  will  be  modeled.   Eqs. 
o 

4.53  and  4.55  require  trial  and  error  solution  for  R.   Figs, 

4.7  through  4.15  are    helpful  in  estimating  an  initial  guess 

for  R.   Check  that  R  is  less  than  R    ;  if  not,  revise  the 

max 

input  parameters. 
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9.   Initial  position  of  cap,  x  .   For  normally  consoli- 
dated soil  use  Eq.  4.64,  4.65,  or  4.66  to  calculate  x  .   If 
necessary,  compare  this  value  to  the  x   estimated  in  step  4. 
For  overconsol i dated  soil  use  Eq.  4.67. 


10.  Hardening  parameters,  D  and  W.   First  use  Figs.  4.3 

and  4.4,  Table  4.3,  or  Eqs .  4.3  1  and  4.33  with  the  x,./x 

from  step  7,  to  find  Dx   and  w/(a-b);  then  use  x   and  (a-b) 

o  o 

to  find  D  and  W. 


11.  Pore  pressure  response.   Set  6  =  10  for  undrained 
condi  t  ions . 

12.  Initial  stresses.   Calculate  the  average  unit 

weight  y  using  Eq .  4.70  and  set  A„  equal  to  the   surcharge 

applied  to  the  ground  surface,  if  any.   Use  the  given  or 

estimated  initial  K   which  for  normally  consolidated  soils 

o 

equals  the  normally  consolidated  K  .   For  overconsol idated 

o 

soils  K   is  generally  greater  than  the  normally  consoli- 
o 

dated  value. 


4.3.2  Example  1  -  Hydrostatic  Initial  Conditions 

This  example  illustrates  the  procedure  to  obtain  the 
cap  parameters  for  hydrostatic  initial  conditions  to  model 
the  behavior  of  consolidated  isotropic  undrained  triaxial 
compression  (CIUC)  samples.   Input  soil  properties  were 
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obtained  from  CIUC  and  one-dimensional  consolidation  tests 

and  are  summarized  in  Table  4.6.   K   =1  since  hydrostatic 

o 

conditions  will  be  modeled. 


Table  4.6 
Soil  properties  for  Example  1 


♦'  =  25° 


c'  =  0 


s  la'       =    0.30 
u   vo 

C   =  0.3 

c 

C   =0.1 
r 

v'  =  0.25 


e   =  0.9 
o 

Y   =  16.0  kN/m3 

Y     =8.5  kN/m3 
sub 

K   =1.0  (hydrostatic) 
o 


The  initial  vertical  stress  a'   will  represent  a  soil 

vo 

layer  at  a  depth  of  5  m  with  the  water  table  at  a  depth  of  1 
m.   The  steps  in  the  procedure  are  given  below. 


1.   The  initial  vertical  effective  stress  a'       is 

vo 

-{(lm)(16.0  kN/m3)  +  (4  m)(8.5  kN/m3)}  =  -50  kPa.   Recall 
that  the  negative  sign  is  because  compressive  stresses  are 
negat  i  ve . 
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2.   The  a  and  <    parameters  are  calculated  to  be  0.189 
and  0.0  using  Eqs .  4.1  and  4.2  which  are  valid  for  triaxial 
compression.   T   is  irrelevant  for  soils  with  zero  cohesion 


and  is  taken  to  be  1.0  kPa 


1  /2 
3.  j'/o'       =  -0.346  using  Eq.  4.41  which  is 
2f    vo 

applicable  for  triaxial  conditions. 


4.  The  a  and  b  parameters  are  found  from  one-dimen- 
sional consolidation  tests  results  using  Eqs.  4.34  and  4.17, 
Values  of  a  =  0.069  and  b  =  0.023  are  calculated. 

5.  The  compatibility  of  the  strength  parameters  with 

initial  state  of  stress  are  checked  using  Eqs.  4.57  and 

4.58.   These  criteria  are  satisfied  since  (1-K  ) //3  =  0  < 

o 

-J^2/a^o  (Eq.  4.57)  and  U^/a^l  =  |-0.346|  < 
1-0.5671  (Eq.  4.58). 


6.   The  parameters  for  the  bulk  modulus  are  K.  =  43.7 

(using  Eq.  4.16),  K,  =  1.0,  and  A   =101.3  kPa  (Table  4.2) 

2  p 

Poisson's  ratio  is  given  so  the  shear  modulus  parameters 
are:  G   =  0.6  (from  Eq.  4.22)  and  G   =  0. 


7.   The  ratio  x^/x   is  found  using  Eq.  4.49  which 

results  in  x,-/x   =  1.28.   R     and  (x_/x  )     are  infinite 
f  o  max       f   o  max 

for  hydrostatic  initial  conditions  with  k    =  0. 
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8.  For  hydrostatic  conditions  R  is  calculated  to  be 
5.81  using  Eq.  4.56. 

9.  The  initial  position  of  the  cap  is  3a'   (Eq. 
4.66)  for  hydrostatic  initial  conditions  which  gives  x   =  - 
150  kPa. 

10.  The  hardening  parameters  are  found  from  Figs.  4.3b 

and  4.4b;  for  x^/x   =  1.28,  Dx   =  -0.881  and  W/(a-b)  =  2.73, 

f   o  o 

Using  x  ,  a,  and  b  computed  above  D  =  -0.881 /(3o'  )  = 
o  vo 

-0.294/a'   =  0.0020  (kPa)-1  and  W  =  0.13. 
vo 

11.  The  pore  pressure  response  factor  6  is  10  for 
undrained  conditions. 


12.  For  hydrostatic  conditions  K   =1.0  and,  since 

o 

there  is  no  surcharge,  A„  =  0.0.   The  average  unit  weight  y 

3 
is  calculated  to  be  10  kN/m   using  Eq.  4.70. 


The  parameters  calculated  above  are  summarized  in  Table 
4.7. 

4.3.3  Example  2  -  Nonhydrostat 1 c  Initial  Conditions 

This  example  illustrates  the  procedure  to  obtain  the 

cap  parameters  for  nonhydrostat i c  initial  conditions  to 

model  the  behavior  of  K   consolidated  undrained  tri axial 

o 
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Table  4.7 
Summary  of  cap  parameters  for  example  problems, 


Parameter 

Example  1 

a 

0.  189 

< 

0.0 

T 

c 

1 .0  kPa 

K. 

43.7 

K2 

I  .0 

A 
P 

101.3  kPa 

Gl 

0.6 

G2 

0.0 

R 

5.8 

X 

o 

-150  kPa 

D 

0.0020  (k 

W 

0.  13 

B 

10.0 

A2 

0.0 

Y 

10  kN/m3 

Ko 

1  .0 

Example  2 

0.  189 

0.0 

1 .0  kPa 

43.7 

1  .0 

101.3  kPa 

0.6 

0.0 

2.3 

-12  1  kPa 

0.0079  (kPa) 

0.  12 

10.0 

0.0 

10  kN/m3 

-1 


0.58 
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compression  (CK  UC )  tests.   The  same  soil  properties  are 
used  as  in  Example  1  (Table  4.6)  except  that  K   is  estimated 
to  be  0.58.   The  same  soil  and  water  table  depths  are  used. 
It  is  assumed  that  the  strength  properties  obtained  from 
CIUC  tests  are  valid  for  nonhydrostat i c  conditions. 


1.  through  4.   Same  as  Example  1 


5.   The  strength  parameters  and  the  initial  state  of 

1/2 
stress  are  compatible  since  0.33  <  _J?f  ^°vo  ^q" 

4.57)  and  Mif  /tfvo'  =  l_0-3461  <     l~0.408|  (Eq.  4.58). 


Same  as  Example  1 


7.   Eq.  4.49  results  in  xr/x   =  1.086.   R     is  found 

f   o  max 

using  Eq.  4.59  but  for  this  case  R     is  so  large  (>5xl0  ) 

max 

that  it  is  difficult  to  calculate.   The  corresponding 

(x^/x  )     Is  greater  than  1.4  (Eq.  4.55).   The  actual  x_/x 
f   o  max  i   o 

is  less  than  this  value. 


8.   R  is  found  by  trial  and  error  solution  of  Eq.  4.55 
using  the  value  of  xf/x   computed  using  Eq.  4.49.   An  ini- 
tial guess  for  R  can  be  estimated  using  Fig.  4.10  which  was 
computed  with  a  =  0.1893,  <    =  0,  and  K   =  0.5  and  Fig.  4.11 
which  was  computed  with  a  =  0.1893,  <    =    0 ,  and  K   =  0.6. 
Using  (a-b)/b  =  2.0  and  ^f^vo  =  ~0-346'  R  1s 
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estimated  to  be  2.0  for  K   =  0.5  (Fig.  4.10)  and  2.6  for  K 

o  o 

=  0.6  (Fig.  4.11).   A  value  of  2.5  was  chosen  for  the  first 
guess.   After  a  few  trials  it  is  found  that  R  =  2.3  satis- 
fies Eq.  4.55.   This  value  is  less  than  R 

max 

9.   The  initial  position  of  the  cap  is  computed  to  be 

x   =  2.42o'   =  -12  1  kPa  using  Eq.  4.65. 
o         vo 


10.   Using  Figs.  4.3b  and  4.4b  with  xf/x   =  1.086,  it 

is  found  that  Dx   =  -0.959  and  W/(a-b)  =  2.719;  therefore,  D 

o 

=  -0.396/a'   =  0.0079  (kPa)-1  and  W  =  0.12. 
vo 


11.  and  12.   Same  as  Example  1. 

The  parameters  calculated  above  are  summarized  in  Table 
4.7. 

4.4  CAP  PARAMETERS  FOR  BOSTON  BLUE  CLAY 

The  procedure  described  in  the  previous  section  was 
used  to  calculate  the  cap  parameters  for  resedimented  sam- 
ples of  normally  consolidated  Boston  Blue  Clay.   The  samples 
had  an  average  liquid  limit  of  41  and  an  average  plasticity 
index  of  21.   Parameters  were  determined  using  input  soil 
properties  from  consolidated  isotropic  (hydrostatic) 
undrained  compression  (CIUC),  consolidated  isotropic 
(hydrostatic)  undrained  extension  (CIUE),  K   consolidated 
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undrained  compression  (CK  UC),  and  1 /K   consolidated 

o  o 

undrained  extension  (C(l/K  )UE)  triaxial  tests  as  well  as  K 

o  o 

consolidated  undrained  plane  strain  active  (CK  UPSA)  tests. 

o 

The  1 /K   tests  were  consolidated  with  the  confining  stress 
o 

greater  than  the  axial  stress.   K   consolidated  undrained 

extension  and  1 /K   consolidated  undrained  compression  triax- 

o 

ial  tests  which  undergo  reversal  of  principal  stresses  dur- 
ing loading  are  also  considered.   In  addition,  the  parame- 
ters were  calculated  for  CK  UPSA  tests  on  overconsol idated 

o 

samples.   The  triaxial  tests  had  an  average  initial  water 
content  of  307.  and  the  average  for  the  plane  strain  tests 
was  36%.   The  test  results  were  obtained  from  Ladd  and 
Varallyay  (1965)  and  Ladd,  et  a  1 .  (1971). 


The  cap  model  is  implemented  in  a  computer  program 
called  CAP  developed  by  McCarron  and  Chen  (1986a).   This 
program  was  used  with  the  calculated  parameters  to  verify 
that  the  test  sample's  stress-strain,  pore  pressure,  and 
effective  stress  path  behavior  were  predicted  correctly. 

4.4.1  Triaxial  Tests 

A  comprehensive  set  of  triaxial  tests  on  normally  con- 
solidated samples  of  resedimented  Boston  Blue  Clay  were  per- 
formed by  Ladd  and  Varallyay  (1965).   The  virgin  loading  and 
unloading/reloading  one-dimensional  consolidation  curves 
were  approximately  linear  on  a  semi- log  plot  with  average 
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e   =  0.892,  C   =  0.34,  and  C   =  0.051.   An  a  =  0.078  and  b  = 
o  c  r 

0.012  were  calculated  using  Eqs .  4.34  and  4.17.   The  bulk 

modulus  parameter  K   was  calculated  to  be  85.5  (Eq.  4.16) 

2 
and  K„  =  1.0.   Stresses  were  expressed  in  units  of  kg/cm   so 

2 
A   was  chosen  to  be  1.033  kg/cm   (Table  4.2).   Reliable  data 
P 

to  determine  the  shear  modulus  was  unavailable  so  v'  =  0.25 

was  assumed  and  G.  was  calculated  to  be  0.60  (Eq.  4.22)  and 

G„  =  0.0.   The  hardening  parameter  W  was  calculated  to  be 

approximately  0.18  for  all  tests.   The  value  of  k    was  taken 

to  be  0.   The  axial  consolidation  stress  o'   was  input  by 

vo 

setting  the  surcharge  A„  equal  to  o'   and  taking  y    =  0.0. 

In  addition,  the  following  parameters  where  chosen  in  accoi — 

dance  with  the  recommendations  given  in  the  previous  sec- 

2 
tion:   T   =1.0  kg/cm  ,  and  B  =  10.0.   All  these  parameters 
c 

are  summarized  in  Table  4.8. 


The  values  of  a,  R,  x  ,  D,  and  K   were  different  for 

o  o 

each  test  and  are  summarized  in  Table  4.9  along  with  the 

soil  properties  <t'  and  s  la'       and  the  sample  consolidation 

u   vo 

conditions.   The  ratio  s  /a'   was  defined  as  s   divided  by 

u   vo  u 

the  vertical  (axial)  consolidation  stress  (a'  )  even  when 

vo 

a'   was  the  minor  principal  stress.   For  a  given  test 
vo 

type,  values  of  <J>'  and  s  /a'       were  independent  of  confin- 

u   vo 

ing  pressure  and  average  values  were  used.   An  exception  was 

the  C(l/K  )UE  tests  which  exhibited  different  values  of  <*>' 
o 

and  s  /a'       for  each  confining  pressure  so  the  actual 
u   vo 
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Table  4.8 
Summary  of  cap  parameters  for  Boston  Blue  Clay. 


Parameter 

Trl axial 

Plane  strain 

tests 

tests 

■MSMisini 

=  =  =  »  =  =  3  =  =  =  a  =  =  =  =u 

====== 

er3i3(3ns»ai:i3t» 

a 

See  Table 

4.9 

0.  190 

K 

0.0       . 

0.0 

2 

j/cm 

T 

c 

1 . 0  kg/cm' 

1.0  kj 

Kl 

85.5 

220.0 

K2 

1.0 

1.0 

A 
P 

1.033  kg/cm2 

1.033 

kg/cm 

Gl 

0.6 

0.6 

G2 

0.0 

0.0 

R 

See  Table 

4.9 

0.21 

S 

1 

1 

kg/cm 

X 

o 

See  Table 

4.9 

-7.71 

D 

See  Table 

4.9 

0.129 

/^  /   2,-1 
(kg/cm  ) 

W 

0.  180 

0.  141 

B 

10.0 

10.0 

u  /   2 
kg/cm 

Al 

See  Table 

4.9 

-3.87 

Y 

0.0 

0.0 

K 
o 

See  Table 

4.9 

0.48 
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Table  4.9 

Soil  properties,  consolidation  conditions 

and  cap  parameters  for  trlaxlal  tests. 

Soil       Consolidation  Cap 

Test     properties     conditions    parameters  

~-     ♦'   su/oCo  -°vo        Ko     a     xo     D  R 

(°)     —  (kg/cm2)  —    —    —  (kg/cm2)"1  — 

CIUC-1       29.5       0.285      6.00       1.00       0.227    -18.0       0.052  6.0 

CIUC-2      29.5      0.285      4.00       1.00      0.227-12.0      0.078  6.0 

CIUC-3      29.5      0.285      8.00       1.00      0.227    -24.0      0.039  6.0 

4.00       1.00      0.202    -12.0      0.077  8.1 

6.00       1.00      0.202    -18.0      0.052  8.1 

4.10       0.53       0.198    -8.74       0.114  0.61 

6.10      0.53       0.198-13.0      0.077  0.61 

2.02       1.98      0.164    -10.5      0.095  0.94 

3.20       1.88       0.152    -17.0       0.058  2.1 

2.09       1.92       0.270    -10.9      0.086  14.6 


CIUE-1 

39 

0.23 

CIUE-3 

39 

0.23 

CK    UC-1 
o 

26 

0.33 

CK    UC-2 
o 

26 

0.33 

CKUE" l 
1° 

30 

0.65 

C^UE-3 

27 

0.55 

Cj^URC 
o 

35 

0.55 
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values  were  used.   Eq .  4.1  was  used  to  calculate  a  for  com- 
pression tests  and  Eq.  4.3  was  used  for  extension  tests. 

Note  that  R  for  K   and  1 /K   consolidation  is  significantly 

o         o 

less  than  for  hydrostatic  consolidation. 

The  CAP  program  was  used  to  calculate  sample  behavior 
with  the  parameters  given  in  Tables  4.8  and  4.9.   The  calcu- 
lated and  observed  normalized  principal  stress  difference 
(a  -o-,)/o'   vs.  axial  strain,  normalized  pore  pressure 

Au/o'   vs.  axial  strain  and  effective  stress  path  in  I'- 
vo  1 

1/2 
J     space  are  compared  for  selected  tests  in  Figs.  4.20 

through  4.29.   In  general,  there  is  very  good  agreement 

although  the  calculated  initial  slope  of  the  (o    -o.) /a' 

vs.  axial  strain  curve  was  slightly  less  than  the  observed 

slope.   Also,  Au/a'   is  slightly  less  than  observed  values 

vo 

especially  at  small  strains.   In  K   and  1 /K   consolidated 

o         o 

tests,  the  initial  portion  of  the  calculated  effective 
stress  path  was  to  the  left  of  the  observed  path.   For  a 
given  test  type,  comparison  of  samples  with  different  ini- 
tial stresses  shows  that  the  model  parameters  are  indepen- 
dent of  consolidation  pressure.   The  model  does  not  predict 
post  peak  behavior  for  normally  consolidated  strain  soften- 
ing soil  as  shown  for  tests  CK  UC- 1  and  CK  UC-2  in  Figs. 

o  o 

4.26  and  4.27.   Calculated  and  observed  values  of  s  /a' 

u   vo 

and  the  Au/a'   at  the  corresponding  strain  are  compared  in 
Table  4.10.   There  is  excellent  agreement.   This  is  expected 
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Figure  4.20   Calculated  and  observed  (a)  stress-strain  and 
(b)  pore  pressure  response  for  triaxial  test 
CIUC-1  on  Boston  Blue  Clay. 
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Figure    4.22 
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Calculated  and  observed  (a)  stress-strain  and 
(b)  pore  pressure  response  for  trfaxlal  test 
CIUC-3  on  Boston  Blue  Clay. 
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BOSTON  BLUE   CLAY 
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Figure  4.24  Calculated  and  observed  (a)  stress-strain  and 
(b)  pore  pressure  response  for  trlaxial  test 
CIUE-1  on  Boston  Blue  Clay. 
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Figure  4.26   Calculated  and  observed  (a)  stress-strain  and 
(b)  pore  pressure  response  for  triaxlal  test 
CK  UC-1  on  Boston  Blue  Clay. 
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Flgure  4.28 


Calculated  and  observed  (a)  stress-strain  and 
(b)  pore  pressure  response  for  trlaxlal  tests 
C(l/K  )UE-1  and  C(l/K  )UE-3  on  Boston  Blue 
Clay.°  ° 
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Tab 1 e  4.10 
Calculated  and  observed  5  /o^Q  and  Aw/a' 

for  trlaxlal  tests  on  normally  consolidated 
Boston  Blue  Clay. 


Test  no. 

— "  \ 

/a'       

vo 

Aw/ 

°vo 

observed 

calculated 

observed 

calculated 

========== 

========== 

■  »»xsa:ssi 

=========== 

========== 

CIUC-1 

0.263 

0.290 

0.722 

0.697 

CIUC-2 

0.308 

0.292 

0.662 

0.698 

CIUC-3 

0.287 

0.292 

0.730 

0.698 

CIUC-AVG. 

0.286 

0.291 

0.705 

0.698 

CIUE-1 

0.230 

0.241 

0.862 

0.858 

CIUE-3 

0.235 

0.241 

0.868 

0.863 

CIUE-AVG. 

0.232 

0.241 

0.865 

0.860 

CK  UC-1 

0.329 

0.331 

0.  1  14 

0.  1  12 

CK°UC-2 

0.328 

0.331 

0.  103 

0.  1  10 

CK°UC-AVG 
o 

.   0.329 

0.331 

0.  109 

0.111 

CKUE" ! 

0.651 

0.652 

0.341 

0.353 

1° 
C^UE-3 

0.547 

0.547 

0.352 

0.353 

1° 
CttUE-AVG. 

o 

0.599 

0.600 

0.347 

0.353 
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for  s  /a'       since  this  is  one  of  the  soil  properties  used 
u   vo 

to  ca 1 ibrate  the  model .   In  general,  the  good  agreement 
shown  in  Figs.  4.20  through  4.29  and  Table  4.10  indicates 
the  underlying  assumptions  of  the  cap  model,  such  as  normal- 
ity, and  the  procedure  used  to  determine  the  model  parame- 
ters are  reasonable. 

4.4.2  Plane  Strain  Tests 

Plane  strain  active  tests  where  the  major  principal 

stress  was  increased  to  failure  were  performed  by  Ladd,  et 

al .  (1971).   The  resedimented  samples  of  Boston  Blue  Clay 

had  nearly  linear  virgin  loading  and  unloading/reloading 

one-dimensional  consolidation  curves  on  a  semi-log  plot  with 

averaqe  C   =  0.27  and  C   =  0.022.   The  average  e   was  1.06. 
c  r  o 

Eqs .  4.34  and  4.17  were  used  to  calculate  a  =  0.056  and  b  = 

0.0046.   The  three  reliable  tests  on  normally  consolidated 

samples  are  numbers  CK  UPSA-4,  6,  and  10.   The  average  a' 

was  -3.88  kg/cm  ,  K   was  0.48,  4>'  was  29°,  and  c'  was  0.0. 

o 

The  4>'    value  was  substituted  in  Eq.  4.5  which  relates  a  and 
4>'  for  plane  strain  conditions  and  a  flow  rule  that  is  nor- 
mal to  the  Drucker-Prager  surface  (Drucker  and  Prager,  1952; 
Chen  and  Saleeb,  1982,  p.  486)  resulting  in  a  =  0.156;  how- 
ever,  the  latter  condition  is  not  met  since  at  failure  the 

increment  of  plastic  strain  is  normal  to  the  cap  (Fig. 

1/2 
3.2c).   The  a-value   obtained  from  a  plot  of  J2f   vs. 

I'   was  0.190.   This  value  is  considered  to  be  more 
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1/2 
realistic  and  was  used  in  the  analysis.   The  J_^  /°0o 

were  computed  using  Eq.  3.2.   The  values  for  the  three  tests 

were  -0.375,  -0.365,  and  -0.357  with  an  average  of  -0.365. 

For  comparison  with  the  tri axial  tests,  the  average  s  /a' 

u   vo 

was  -0.34.   A  Poisson's  ratio  v'  of  0.25  was  assumed.   The 
computed  cap  parameters  are  summarized  in  Table  4.8. 


Calculated  and  observed  sample  behavior  are  compared  in 
Figs.  4.30  and  4.31.   To  account  for  the  intermediate  prin- 
cipal stress,  the  stress  strain  behavior  is  given  as 

1  /2 

J  '       rather  than  (a    -a    ) /a'       versus  axial  strain.   The 

1  /2 
J  '  /a'       is  correctly  predicted  and  the  stress-strain 
2f    vo 

behavior  up  to  failure  is  well  modeled.   The  agreement  of 

calculated  pore  pressures  with  tests  CK  UPSA-6  and  8  is 

o 

good.   Test  CK  UPSA-4  had  a  measured  pore  pressure  response 
of  only  727.  at  the  start  of  shearing  and  was  probably  not 
fully  saturated  which  caused  the  lower  observed  pore  pres- 
sures . 


In  practice  it  probably  will  be  necessary  to  calibrate 
the  model  for  plane  strain  conditions  using  results  from 
CIUC  tri axial  tests.   To  examine  the  accuracy  of  predictions 

for  this  case  the  strength  parameters  from  the  CIUC  tests  (a 

1  /2 
=  0.227  and  j'/o'       =  -0.329)  were  used  to  calibrate 
2f    vo 

the  model  for  plane  strain  conditions  (K   =  0.48).   This  re- 
sults in  R  =  4.9,  x   =  -11.6  kg/cm2  and  D  =  0.085 

o 
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Figure   4.30      Calculated   and  observed    (a)    stress-strain   and 
(b)    pore   pressure   response   for   plane    strain 
tests    on    normally   consolidated   Boston   Blue 
Clay. 
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2  -  1 
(kg/cm  )   ;  other  parameters  are  the  same  as  shown  In  Table 

4.8.   The  observed  stress-strain  behavior  and  effective 
stress  path  are  poorly  predicted  as  shown  in  Figs.  4.30a  and 
4.31.   There  is  better  agreement  for  pore  pressures  (Fig. 
4.30b).   This  illustrates  that  for  Boston  Blue  Clay  it  is 
necessary  to  calibrate  the  model  using  tests  that  approxi- 
mate the  initial  state  of  stress. 

4.4.3  Tri axial  Tests  with  Reversal  of  Principal  Stresses 

Reversal  of  principal  stresses  occurred  in  three 
C(l/K  )URC  triaxial  tests  on  Boston  Blue  Clay  (Ladd  and 

Varallyay,  1965).   The  VR'  stands  for  reversal.   The  tests 

2 
had  average  a'   =  -2.09  kg/cm   and  K   =  1.92.   The  average 
vo  o 

jj/2  was  1.11  kg/cm2  and  J ^f      was  1.34  kg/cm   so  the 
failure  state  of  stress  was  outside  the  initial  position  of 
the  cap  and  the  model  can  be  calibrated  using  the  procedure 
for  normally  consolidated  clay.   The  resulting  cap  parame- 
ters are  shown  in  Tables  4.8  and  4.9.   Observed  and  calcu- 
lated behavior  is  compared  in  Figs.  4.32  and  4.33.   The  pre- 
dicted s  /a'       was  -0.59  versus  an  observed  value  of  -0.55. 
u   vo 

The  agreement  between  observed  and  calculated  stress-strain 
curves  (Fig.  4.32)  was  good  except  near  failure  where  the 
test  samples  showed  greater  strain.   Pore  pressure  response 
and  effective  stress  paths  were  poorly  modeled. 
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Ladd  and  Vara llyay  (1965)  also  report  results  for 

1  /2 
C(l/K  )URE  triaxial  tests.   However,  J„    is  greater 
o  do 

1/2 
than  J  '   so  it  is  not  possible  to  calibrate  the  model 

for  this  condition. 


4.4.4  Plane  Strain  Tests  on  Overconsol i dated  Samples 

Results  from  three  CK  UPSA  tests  with  OCR  ranging  from 
2.01  to  4.10  were  reported  by  Ladd,  et  al.  (1971).   The  test 
results  are  summarized  in  Table  4.11. 


Table  4.11 

Summary  of  results  from  CK  UPSA  tests 

o 

(Ladd,  et  al . ,  1971) . 


•  Test  no. 

Property 

PSA-5 

PSA- 7 

PSA-8 

2 
o'   (kg/cm  ) 
vc 

2.89 

5.99 

3.94 

OCR 

3.96 

4.  10 

2.01 

'if/'Cc 

1  .921 

1  .92  1 

1  .921 

4?'°^ 

-0.365 

-0.365 

-0.365 

"lf/o;c>oc 

1.101 

0.995 

1  .289 

.1/2              OC 
{J2f  /avc} 

-0.244 

-0.252 

-0.307 

K 
o 

0.844 

0.853 

0.650 

In  addition  the  samples  had  the  following  average  proper- 
ties:  e   =  1.055,  C  -    0.0216  and  normally  consolidated  K 
or  o 

=  0.48.   A  b-value  of  0.00456  was  computed  using  Eq.  4.17. 
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OC 
The  best  fit  line  throuqh  the  3  pairs  of  (I.,/o'  )    and 

If   vc 

(jli2/o'     )0C  gives  a  =  0.12  and  k/o'       =  -0.15.   The 
2f    vc  vc 

initial  position  of  the  cap  x   was  calculated  using  Eq.  4.67 

o 

and  D  was  calculated  from  Eq.  4.31.   The  values  for  each 
test  are  summarized  in  Table  4.12.   Other  cap  parameters  are 
as  given  in  Table  4.8. 


Table  4.12 

Cap  parameters  for  overconsol i dated 

CK  PSA  tests  on  Boston  Blue  Clay, 
o 


Test         x    2      D 
No.        (kg/cm  )    


PSA- 

-5 

-2. 

.38 

0. 

.457 

PSA- 

-7 

-5, 

.34 

0. 

.204 

PSA- 

-8 

-5, 

.36 

0, 

.203 

The  stress-strain  curve,  pore  pressure  response,  and 

effective  stress  path  were  determined  using  the  CAP  computer 

program  and  the  parameters  in  Tables  4.8  and  4.12.   The 

position  of  the  cap  was  fixed  at  x  .   The  calculated  and 

o 

observed  behavior  for  sample  CK  UPSA-7  are  compared  in  Figs. 

4.34  and  4.35.   Similar  results  were  obtained  for  tests 

CK  UPSA-5  and  8.   It  is  recalled  that  for  OC  soils  the  model 
o 

1/2 
is  calibrated  to  yield  the  correct  J?f.   but  that  pore 

pressure  predictions  will  be  in  error.   Examination  of  Fig. 

4.34  shows  that  this  is  the  case.   There  is  reasonable 

agreement  between  calculated  and  observed  stress-strain 

behavior  for  low  strains  because  the  stress  strain 
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characteristics  in  this  area  are    dominated  by  elastic 
behavior.   Observed  strains  were  greater  than  calculated 
near  fai 1 ure. 

Pore  pressure  response  was  in  good  agreement  only  for 
the  first  0.1  to  0.27.  strain.   After  that  the  calculated 
pore  pressures  were  much  greater  than  the  observed  values. 
Agreement  between  observed  and  predicted  effective  stress 
paths  was  very  poor.   The  reason  may  be  that  the  model  does 
not  allow  for  plastic  volumetric  dilation  within  the  region 
bounded  by  the  cap  and  ultimate  failure  surface.   These 
results  suggest  that  this  procedure  gives  reasonable  predic- 
tions of  stress-strain  behavior  and  shear  strength  at  fail- 
ure but  that  predicted  pore  pressures  and  effective  stress 
paths  are  greatly  in  error. 

4.5  SOIL  PROPERTIES  AND  CAP  PARAMETERS  FOR  CLAYEY  SOILS 

Test  data  was  gathered  for  clayey  soils  to  examine  typ- 
ical ranges  of  input  soil  properties  and  calculated  cap 
parameters.   The  survey  includes  both  undisturbed  and  labo- 
ratory prepared  samples.   A  summary  of  soil  data  prepared  by 
Mayne  (1980)  and  Mayne  and  Swanson  (1980)  was  the  primary 
source  of  information.   It  was  supplemented  with  other  data 
obtained  from  the  literature.   Statistical  correlations 
between  basic  index  properties,  input  soil  properties  and 
cap  parameters  were  examined  and  regression  analyses  were 
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made  if  appropriate.   Cap  parameters  calculated  for  tests 
with  initial  hydrostatic  and  nonhydrostat i c  conditions  were 
compared.   The  data  is  useful  for  choosing  parameters  for 
preliminary  designs. 

4.5.1  Volume  Change  Properties 

Soil  index  and  consolidation  properties  for  88  soils 

are  summarized  in  Table  4.13.   Their  Atterberg  limits  are 

shown  in  Fig.  4.36.   Most  of  the  consolidation  properties 

were  obtained  from  one-dimensional  consolidation  tests.   The 

values  of  a(l+e  )  and  b(l+e  )  were  calculated  from  C   and  C 

o  o  c       r 

using  Eqs .  4.34  and  4.17  although  for  a  few  data  sets 
b( 1+e  )  was  obtained  directly  from  test  results.   The  ini- 
tial void  ratio  e   was  not  readily  available  so  a  and  b  were 

o 

not  calculated.   The  quantities  a (1+e  ),  b( 1+e  ), 

o         o 

(a-b) ( 1+e  )  (which  is  used  to  compute  W) ,  and  (a-b)/b  (which 
o 

is  used  in  Eq.  4.49  to  compute  x,_/x  )  are    shown  in  Table 

f   o 

4.  13. 

Correlation  of  the  consolidation  properties  with  liquid 

limit  was  examined.   Fair  to  poor  correlation  was  found  for 

C  ■  C  ,  and  (a-b) (1+e  ).   A  linear  regression  analysis  was 
c    r  o 

performed  and  the  results  are  summarized  in  Table  4.14  and 
shown  in  Figs.  4.37  through  4.39.   Note  that  there  is  a 
large  scatter  of  observed  data  about  the  best  fit  lines  and 
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that  the  locations  of  the  lines  are  influenced  by  the 
extreme  values. 


Tab  1 e  4.14 
Regression  analysis  for  volume  change  properties 


No.  of 

Regress  ion 

2 

Property 

sampl 

es 

equat  i  on 

r 

C 
c 

88 

0.009(LL  -  7) 

0.446 

C 
r 

76 

0.003(LL  -  24) 

0.522 

(a-b) 

81 

0.003(LL  -  2) 

0.318 

x(l+e  ) 
o 

The  regression  equation  for  C   is  similar  to  that  reported 

c 

by  other  authors.   liayne  (1980)  obtained  the  following  rela- 
tion using  a  subset  of  the  data  in  Table  4.13. 

C   =  0.009(LL  -  13)  (4.71  ) 

c 

Terzaghi  and  Peck  (1967)  recommend  the  following  equation 
for  undisturbed  clays  of  low  to  medium  sensitivity 


C   =  0.009(LL  -  10)  (4.72) 

c 

Other  empirical  equations  for  C   were  summarized  by  Azzouz, 
et  al.  (1976)  (see  also  Holtz  and  Kovacs,  1981,  p.  341). 


The  ratio  (a-b)/b  did  not  correlate  well  with  liquid 
limit  as  shown  in  Fig.  4.40.   It  ranged  from  0.81  to  52.38 
with  an  average  of  about  6.   The  frequency  distribution  of 
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the  ratio  from  8  1  samples  is  shown  in  Fig.  4.41.   The  poor 
correlation  emphasizes  the  importance  of  obtaining  a  and  b 

from  consolidation  tests.   C   and  C   chosen  based  on  corre- 

c       r 

1  at  ions  is  unlikely  to  result  in  reasonable  values  of 
(a-b)/b. 


4.5.2  Aspect  Ratio 

4.5.2.1  CIU  triaxial  tests.   The  aspect  ratio  R,  Dx  , 

o 

and  W/(a-b)  were  computed  from  consolidation  and  CIU  triax- 
ial test  data  for  52  soils.   The  data  and  calculated  parame- 
ters are  summarized  in  Table  4.15.   The  a  value  was  computed 
using  Eq .  4.1  and  <  was  assumed  to  be  0.0.   The  ratio  x^/x 
was  calculated  using  Eq.  4.49.   Eqs .  4.31,  4.33,  and  4.56 

were  used  to  compute  Dx  ,  W/(a-b),  and  R,  respectively. 

o 

1  /2 

J  '  /a'       used  in  Eq.  4.56  was  found  with  Eq.  4.41. 
2f    vo 


The  computed  aspect  ratios  ranged  from  0.57  to  12.80 

and  their  frequency  distribution  is  shown  on  Fig.  4.42. 

There  was  no  significant  correlation  of  R  with  Atterberg 

limits  (Fig.  4.43).   Statistical  analyses  were  made  of  the 

correlation  between  R  and  the  input  soil  properties.   R  was 

found  to  decrease  as  s  /a'        increased  as  shown  in  Fig. 

u   vo 

4.44.   This  is  reasonable  when  compared  to  the  results  on 
Figs.  4.7  through  4.16.   The  equation  of  the  best  fit 
straight  line  through  the  data  is 
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R  =  10.9  -  18.8(su/a^o)  (4.73) 

2 

The  r   was  0.3  06  which  indicates  only  poor  correlation. 

There  was  no  significant  correlation  of  R  with  4>'  or 
(a-b)/b. 


4.5.2.2  Shear  tests  with  nonhydrostat i c  initial  consol- 

idat  ion.   Input  data  and  computed  cap  parameters  for  shear 

tests  with  nonhydrostat i c  initial  consolidation  are  shown  in 

Table  4.16.   Most  of  the  tests  are  CK  U  or  CAU  triaxial 

o 

tests  although  there  is  one  CK  UPSA  test.   For  10  soils 

o 

results  from  CIU  triaxial  tests  are    shown  for  comparison. 

The  values  of  a,  x^/x  ,  Dx  ,  W/(a-b),  and  R  for  the  CK  U  and 

f   o     o  o 

CAU  triaxial  tests  were  computed  using  Eqs .  4.1,  4.49,  4.31, 

1/2 
4.33,  and  4.55,  respectively.   J  '  /a'   was  found 

using  Eq.  4.41.   For  the  CK  UPSA  test,  a  and  j'^2/o' 

o  Zr    vo 

were  computed  directly  from  the  measured  effective  stresses 
at  fa  i 1 ure. 


The  4>' ,  s  /o'  ,  and  R  from  nonhydrostat  i  c  and  hydro- 
u   vo 

static  consolidated  tests  are  compared  in  Table  4.17.   For  8 

soils  the  4>'  from  nonhydrostat  i  c  tests  was  greater  than  from 

hydrostatic  tests  but  the  reverse  was  true  for  one  soil  and 

they  were  equal  for  another.   The  ratio  s  /a'   for  nonhy- 

u   vo 

drostatic  consolidation  is  both  higher  and  lower  than  the 
corresponding  hydrostatic  value.   It  Is  difficult  to 


218 


in 

1) 

L 
(0 

(1) 

r 

D 
QJ 
+J 
(0 

"D 


0 
in 

c 
o 
u 


\£> 


(1) 


0 

t- 

> 

r 
c 
o 
c 

L 
G 

4- 

(.0 

L 
0) 
+J 

0) 

e 

(13 
u 
(13 

a 
a 

13 

u 


O^    Os    O1*    ^^    ON 


m     to  in     \n  */i 

i_      i_  i-      u-  i- 

■|      m  ijj       dj  ix; 

CT1      O"1  CT>      CTS  CT> 

■o  *o  *  *a  * 


*^c>    i.  j**    *  f»    so    ^  o    i  cs 

r-w    r—    r—    r*—    r—    r—  *— - 

—    —    —     —    «f  *  BO 

■— -    ^^    — -    — -    —    -— •    vjp  sO  os 

(T>  cr-  — 

0  ooo     o     o    —  —  ~— 

01  cyi   cy  o^1   o>   ^y  ""^ *  ^*m 
to    to    to    to    to    to  * 

.+->      4->     J_>     J->     .+->      .4->       ft)  fD  — 

._     ._ ._ »  jc  fT, 

^    ^c    ^c    x:    x    i:     o  O 

en  to  jj 

-^  *o  -o  "O  *o  *o   -o  cp 
r-eecrree-o-o 

r—     cocdcdcdcdcdcc  •   «-o    \x> 


M     CO  ff>  ^ 

r— ■   on  —  — 

cr>    —  —  — - 

— ■  to  to 


en 


"O  *D  *D  "D  "D  CM  OS                                                              fDcDCONONONOs-O 

C  C  C  C  C  v©  —    —     —    —    —    —    — 

to  to  to  to  CD  Os  x:     J=     J=Z     JZ     JZ     -C    — 

"O  "O  "O  "O  *0  —~  C      CO      CO      CD      CD      CD      CD-*-*      CD     "O     "O     "O     *0 

D  t3  TD  T)  ^  rO-4-**->*-»a-»^-»*-»     CT      C    "O    T3    ^    ^    ^ 

CD  CD  CD  CD  CD  O  ON    •—     •—     —    —     — ■     —      Cb      (D      C      CD      CD      CD      CO 


CD      <D     -4->     4-* 

■o    O 


O      O 

a. 
j  s 
co     a. 

-at     JK 


sO 

CSJ 



_— 

sO 

» 

r~~ 

LT> 

m 

so 

n-» 

CO 

CD 

CD 

CO 

CO 

Os 

■-o 

r— 

2 

u~> 

O 

• 

u-» 

m 

CNJ 

— 

m 

c=> 

" 

— 

m 

— 

LfN 

OS 

in 

** 

CD 

m 

■^ 

^ 

C=> 

in 

CO 

o 

CD 

CO 

CD 

CO 

CO 

CO 

c= 

CO 

cr. 

en 

m 

CO 

o-* 

CO 

CO 

CO 

CO 

CO 

r^- 

<-■-> 

csj 

rsj 

csj 

CNJ 

fSj 

CSJ 

CNJ 

rsi 

u*>  CD  CO  *W  r—  vD  CD  ^     U~>     CO     m     CD     C=>     m  O  —     sjD     tf">  ^     «X>     r— -     u~>  iTi  CO 

vfi  «  rg  <kO  (si  os  CD  o^ooocncMin  —  m^—  or^oo*  —  CD 

***■"<  CTs  OS  \jp  CD  C"sj  F~"-  m     CO     r^1)     CD     ^N     CO     'f  < — >  CO     ^w     ff'  r**™     CD     O**     O**  S©  ON 

Os  Os  ON  ON  Os  Os  ^^  CT^     c^^     0*s     47s     ^^     O^     CD  OS  O**     ^^     O^  0*s     O**     OS     O^"  CO  CO 


fsj     ^     O     l/S     *     CSJ     CNJ     N     N    O     O     f^     m     fcTt     U^     CM     r^.     (SI     m     o     —     *     — 
—    —    r—    <^i    w>    vjp    en    rn    no    *w    cs    m    csj    rsj    m    •—    ^    vO    cnj    rsj    CD    m    m 

o    o    o    o    —    o    —    c=>    —    o    —    o    m    csj    cz>    — -    C9    c»    C9    e»    C3    m    csj 


c—  csj  -^-  r-  r—  oj  os  —  •w^rcsjrsjinr^osr^ocNj  —  r-m  —  COCO 
esj  ^3  os  r*«»  ii^  r^-  CO  OS  ^^  f*»  t*—  CO  nJP  0s  CD  fl  — ■  ^3  k/N  i^S  CO  *^>  0s  O** 
CM     CNJ     —     —     —     m     —     CSJ     csj     Csj     CMCMCM     —     —     CMCMCM     —     —     —     ^     —     — 


vO     O     O 


•^    m    lt) 


U~>      UT>     W~> 


•^x      f—~     CO     CO     C3     ^Z>     C3     CO     o 
c^    r~-    ^r    o~>    sjp    rn    rn    l/*>    vO 

lOC=>C3(=)C=iC=>CDC=> 


"^-    u*>    tn    C3    !-•->    m    u-» 

O     O      O      —     O     O     CSJ 


CD     CO     CO     C^3     ' — T1     u~i     OS     OS 


csj  C3  nfl  *n  sjD  CO  CO  c^  —-  ^-  o 
■bm  —  os  CT"»  csj  no  n^»  *jp  —  —  ^/s 
■^     -ma-     —    —    u->    r^>    m    »j*>    r*-    r*i    sjp 


C=?     G>     O     <=><=>     vf 


U*^     u"i     CD     U*S     CD     CD     CD     csj 

— 

— 

OS 

— 

CD     OS     CD     1—*     U~>     m     m     —     csj     '^     CD     CD 

C*    nO    CT^    m    —    p"«    u">    r-^ 

tn 

u-s 

■^- 

sO 

"^     U~>     fci~»     CD     r—     VJD     CD     —     ^     n—     sjp     sO 

—    Lfs    Ld    so    ^    csj    esj    mm    —    rsj    oj    *j3    «jp    r^*    m    on    u->    lc*»    u->    ««:    vjp    sjp 


O    O    co 


o  o 

I —   I —   I—   I —   >->-  t—   I— 

— j    _l    _-i    _t    ^    ^  >-     u*)    >->*> 

untnLOt/ic_iC-3>->-_jcDCD 


.  i-_  u-  o 

o   a   o  <  <  u 

b*J     LkJ     lu-J  DI  31  — 

co    un   cn  t-j  <_j  x 


QfOC>OOC=}C_)C_>z:UJLhJr- 
—     —     —     —     —     —  (jj     CD     CD     t_> 

-i   x:    O    O    z 

u    a:    u    Lbi    O 
S    Q    Q£    5   U 


CD     CD     C=> 


lu   >£   ic:   id  ic  ic:   it: 

ac     a«r     ic     ac     ic     s£     at: 

15    O     O    O    O    O    O 


CO     CD     CD     S0 


CSJ 

OS 

tn 

CD 

CD 

a> 

• 

» 

CSJ 

CO 

OS 

m 

tn 

a> 

— 

J= 

■*-» 

O 

*n 

a> 

o 


a>     l- 
a>   — 


OOJ 

*    >m 

o 

tn 

-^ 

OJ 

CSJ 

i_ 

—    csj<n 

a> 

n 

>■ 

or 

•*-■ 

u-> 

C_J 

to  i- 

O-  zs 

O  m 

iC  CD 


219 


c 
0 
—         I 

■p       I 

(0         I 
TJ 


o 
in 

c 

0 

CJ 


p 

■P 

01 

0 
t- 
■D 
> 

r 
c 
o 
c 

■D 
C 
CO 


0)  — 


JQ 

(13 

h 


P 
CO 
4J 
W 
0 
L 
TJ 
> 
£ 

r 
p 


in 
P 
<n 

+J 

It 

0 

c 

0 

in 

L 

a 
E 
o 
u 


or  < 


i 
i 
i   < 

0 
•>  > 

D 
~^ 

D 

in 

! 
I 


I     < 


0     c 

•-  * 

a 

o 

p  a 

o  > 

■Si   P 
Z   P 

<  in 
o 
h- 


0 

in 


—  r*  —    i     i    if>  ^fj  CO  GO  i    0"*    i    r-«    i    a* 

—  CO  <3>    I     I    CO  r^-  CD  r^  i    tj    i    —    |    — 
.     .     .    i     |      ....  |      .    |      .    | 

If)   ^   m     I      I     O   —  O   —  I     CM     I     CM     I     C\J 

ro 
(\j__vooTLf>Tif>cOLnir)C^<Do 

\£C0-*Tif)r^C0r~i£     •  v£>  GO  CO  —  O  — 

c* 

oomcM  —  o ■  —  in  o  m  v  o  co 


vC  <X)  r--    i  i  o  r~  m  \£>  i  r~  i  CO  i  f~~ 

<j>cti^ti  i  r-  ^  ^  in  i  CO  i  — ■  i  r- 

.    .    .    i  i  ....  i  .  i  .  i 

in  in  in   i  i  n  <j  n  in  i  ^  i  7  i  ifl 


omoocoo  —  OlDOO^lflOO 
m^TmoovDv£)Lr)C0fr)fr)T3''<Jpr~ 
romcM^m^TrnmcMCMmcMrMi^CM 

ooooooooooooooo 


id  if  o 

CO  00  if) 

CM  CM  CM 

O  O  O 


o  cm  o  m 

CM  ifi  —  CM 

^  n  tt  m 

o  o  o  o 


1    o 

m   i 

1    o 

if!      t 

i    m 

CM     1 

i      . 

•          | 

1    o 

O     1 

o 

N 

m 


in  o  o  o  o  —  mooMnnwjo 

k£/C^  —  r^LDLfi^T'CLno^DO^ir-^D 
CM(\i(\i^(\)mmmcMrocMCMCMif)CM 


ifi 


if)    i 


C\  cT>  <"h    i 

CM   CM   CM     I 


I     I 


CM OS     I     If)     l     —     I     O 


r»  in  \C  if)    i    r-    i    —    i    \0 
m  ro  m  cm    i    cm    i    cm    i    cm 


—  CM   —   \DC0LPif)^C^OVC0mf^   — 

in  if,  i^mjifTr'jiniriin^'D'T^ 


o  o 


oooooooooooo 


3      dd3;d3j333  n 

o-    coooooooocnz)    o 

u^-uuuuuuuuuuuuu 


D  3 

c  c 

C  0 

P  4J 

in  in 

0  0 

CO  CD 

13  13 

Oj  a; 

P  P 

c  c 

QJ  0) 

£  E 

TJ  TJ 

ID  01 

in  in 

OJ  OJ 

or  or 


c 

•TJ  U 

>  — 

rc  0 

-  > 

ro 

4-  0 

CD  U 


<  DO 


P  P 


> 

CD 


in  in  u 


QJ 
3 

CO 

C 
0 
P 
in 
0 

33 

TJ 

U    C    0) 

1)  "D 

T3    E  - 


> 

CO 
>- 

CD    U 


u 
> 

L 

ro 
> 

P 

3  £ 


P 
TJ 

OJ 

a  > 

ro 

in  — 

3  U 
0 

1-  T3 

JD  - 

-  CO 
0) 

c 

0  13 


0J    in 
C  P 


U  0. 


0)  TJ 

T3  O 

"D  E 

—  0) 

r  or 


—  cm  —  o  o  —  —  — 


o  —  . o  — 


COCO   —   IfiCOO   —   CMCMvDt^COOlX)  — 
CMCM,3'vD^'y0CJ>CT>CriCJ>OO   — 


c 

in 
3 

J1 
c 

0  • 

—  Ifi 

+J  p 

—  1/1 

"0  0) 

C  P 
0 

fj  D 

u  u 


o 

0 
in 

c 
(D 

L 

0 
ip 

V 
0) 
P 

3 

a 

c 
O 
U 

or 


E 
0 

L 
P 

in 

i_ 
1) 
P 
Oj 

E 
CD 

CD 

a 


u  — 

—     Q 

0 


p  < 

01  m 


n 

L        Oil 
P   * 

in  u  — 


—       cm  m 


in 
0) 


220 

generalize  on  the  relationship  between  strength  parameters 
from  hydrostatic  and  nonhydrostat i c  tests. 

For  several  soils,  R  for  nonhydrostat i c  consolidation 
was  significantly  different  than  for  hydrostatic  consolida- 
tion.  The  same  was  true  for  R  computed  from  hydrostatic 
strength  parameters  but  with  the  nonhydrostat ic  K  •   As 
shown  previously  for  Boston  Blue  clay,  use  of  R  based  on 
hydrostatic  strengths  gave  poor  predictions  for  samples  with 
nonhydrostat i c  consolidation.   This  emphasizes  the  impor- 
tance, for  at  least  some  soils,  of  using  strength  parameters 
obtained  from  tests  with  nonhydrostat i c  consolidation. 

4.6  PARAMETRIC  STUDY  OF  INPUT  PARAMETERS 

A  parametric  study  was  made  of  the  effect  of  varying 
the  input  soil  properties  on  calculated  stress-strain 
curves,  pore  pressure  response,  and  effective  stress  paths. 
The  results  show  which  parameters  have  the  greatest  effect 
on  computed  behavior  and  are  useful  for  guidance  if  it  is 
necessary  to  adjust  the  input  soil  properties  to  obtain  a 
better  fit  between  calculated  and  observed  behavior.   Sample 
response  calculated  using  the  parameters  shown  in  Tables  4.8 
and  4.9  for  test  C I UC- 1  was  used  as  the  basis  for  compari- 
son.  The  soil  properties  v' ,  a,  b,  4>' ,  and  s  /o'   were 
varied  individually  and  the  effect  on  calculated  response 
was  observed.   The  influence  of  B  was  also  investigated. 
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4.6.1  Po  i  s  son ' s  Rat  i  o 

The  effect  of  Poisson's  ratios  v'  of  0.15,  0.25,  and 
0.35  was  investigated.   These  correspond  to  G.  =  0.913, 
0.60,  and  0.333  (Eq.  4.22).   Lower  v'  result  fn  steeper 
stress-strain  and  pore  pressure  response  curves  but  have  no 
effect  on  the  values  at  failure  as  shown  in  Fig.  4.45.   The 
closest  match  between  observed  and  calculated  curves  is  for 
v'  =  0.15.   The  influence  on  the  effective  stress  path  was 
too  small  to  plot. 

4.6.2  Slope  of  Unloading/Reloading  Curve 

The  influence  of  the  slope  of  the  unloading/reloading 
curve  b  ±  257.  was  examined.   A  higher  b  results  in  a  lower 
bulk  modulus  (Eq.  4.16).   The  calculated  cap  parameters  are 
shown  in  Table  4.18;  other  parameters  are  unchanged  and  are 
given  in  Tables  4.8  and  4.9. 


Table  4.18 
Cap  parameters  for  b  ±  257.. 

±b  b  Kj  W 


-257. 

0.0088 

1  13.9 

0.  187 

5.60 

07. 

0.01 17 

85.5 

0.  180 

6.00 

+257. 

0.0146 

68.5 

0.  171 

6.39 

A  higher  b  results  in  a  flatter  stress-strain  response  but 

has  no  effect  on  the  (a , -a.. )  /a'       at  failure  (Fig.  4.46a). 

I   3    vo 
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Figure  4.45   Effect  of  Polsson's  ratio  on  calculated  (a) 

stress-strain  and  (b)  pore  pressure  response, 
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Figure  4.46   Effect  of  b-value  on  calculated  (a)  stress- 
strain  and  (b)  pore  pressure  response. 
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Increasing  b  lowers  the  pore  pressure  as  shown  In  Fig.  4.46b 
but  they  are  about  the  same  when  compared  at  equal 
(o  ,-cu)  /<*'     •   It  also  shifts  the  effective  stress  path 
slightly  to  the  left  (Fig.  4.47). 

4.6.3  Slope  of  Virgin  Compression  Curve 

The  effect  of  the  slope  of  the  virgin  compression  curve 
a  ±  25%  was  investigated.   The  parameters  shown  in  Table 
4.19  were  calculated;  other  parameters  are  the  same  as  in 
Tables  4.8  and  4.9. 


Tab  1 e  4.19 
Cap  parameters  for  a  ±  257.. 

±a        a        W       F 


-257. 

0 

0582 

0. 

126 

6. 

55 

01 

0 

0776 

0. 

180 

6 

00 

+257. 

0 

0970 

0. 
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5 

67 

Fig.  4.48  show  that  there  is  little  effect  on  the  stress- 
strain  or  pore  pressure  response.   For  both  curves  an 
increase  in  the  a-value  (steeper  slope  of  virgin  consolida- 
tion curve)  results  in  slightly  steeper  slopes.   The  maximum 

(o . -o_) /a'      was  Increased  slightly  by  a  lower  a-value  but 
1   3    vo 

the  pore  pressure  at  large  strain  was  slightly  reduced.   The 
Influence  on  the  effective  stress  path  was  too  small  to 
plot. 
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Figure  4.48   Effect  of  e-velue  on  calculated  (a)  stress- 
strain  and  (b)  pore  pressure  response. 
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4.6.4  Effective  Stress  Friction  Angle 

The  influence  of  varying  the  effective  stress  friction 
angle  4>'  was  examined.   The  parameters  corresponding  to 
tan<t>'  ±  107.  are  shown  in  Table  4.20;  other  parameters  are 
given  in  Tables  4.8  and  4.9. 


Table  4.20 
Cap  parameters  for  tan<$>'  ±  107., 

tan«J>'       4>'  a  F 


-107. 

27.0 

0.206 

5.34 

07. 

29.5 

0.227 

6.00 

+  107. 

31  .9 

0.247 

6.48 

Raising  the  friction  angle  results  in  a  slightly  flatter 
stress  strain  curve  (Fig.  4.49a),  causes  higher  pore  pres- 
sures at  failure  (Fig.  4.49b),  and  shifts  the  effective 
stress  path  to  the  left  (Fig.  4.50).   This  is  because  higher 
4>'  yields  a  larger  R  which  increases  the  shear  and  volumet- 
ric components  of  plastic  strain.   There  is  no  effect  on 
(o ,-oq) /a'   at  failure  (Fig.  4.49a)  since  s    /a'       was 
unchanged. 

4.6.5  Undrained  Shear  Strength  Ratio 

Varying  s  /a'       ±107.  results  in  the  cap  parameters 

'   "   u   vo 

shown  in  Table  4.2  1;  other  parameters  are  as  shown  in  Tables 
4.8  and  4.9. 
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Figure   4.49      Effect   of   ♦'    on   calculated    (a)    stress-strain 
and    (b)    pore   pressure   response. 
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Figure  4.50   Effect  of  <*>'  on  calculated  effective  stress 
path. 
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Table  4.21 

Cap  parameters  for  s  /o'   ±107.. 

u   vo 

±s  /a'  s  /a'  R 

==y= =="=•= ===="=== ========= 

-107.       0.257      7.35 

07.       0.285      6.00 

+  107.       0.314      4.89 


Hlaher  s  /a'   result  In  smaller  R  and  steeper  stress- 
^     u   vo 

strain  curves  with  higher  (a    -o~) /a'       at  failure  as  shown 

in  Fig.  4.5  1a.   A  value  of  s  /a'       =  0.257  provides  the 
3  u   vo 

best  match  to  the  observed  value  at  failure  for  test  CIUC-1 
which  was  0.263  (Table  4.10)  although  the  average  for  all 
CIUC  tests  was  0.286.   The  pore  pressure  response  is 
slightly  steeper  for  higher  s  /a'   but  the  pore  pressure 
at  large  strains  is  somewhat  lower  (Fig.  4.51b).   Increasing 

s  /a'       shifts  the  effective  stress  path  significantly  to 

u   vo  .7 

the  right  (Fig.  4.52) . 


4.6.6  Pore  Pressure  Response  Factor 

The  influence  of  the  pore  pressure  response  factor  B  on 
the  calculated  response  was  examined.   The  8-value   calcu- 
lated for  this  soil  using  Eqs .  3.47  and  3.48  is  about  100 
but  Nay lor,  et  a! .  (1983)  recommends  B  =  10  to  minimize 
numerical  problems.   The  calculated  response  for  B  =  1.  5, 
10,  and  100  is  shown  in  Figs.  4.53  and  4.54.   Lower  B  result 
in  lower  pore  pressures,  higher  (ai_a3^/avo  a^  failure. 


231 


(a.  ) 


s    /a' 
u      vo 

& 

0 

257 

s    /a' 
u      vo 

= 

0 

285 

s    /a' 
u      vo 

= 

0 

314 

(b.) 


s    /a'       =    0.257 
u      vo 

s    /a'       =    0.285 
u      vo 

s    /a'       =    0.314 
u      vo 


0.06 


1 1 1 1 1 1 1 

0.00      2.00       4.00      6.00       8.00      10.00    12.00    14.00 

AXIAL  STRAIN  (  %) 

DCIUC-1    (OBSERVED) 

Figure   4.51       Effect   of   s    /a'       on   calculated    (a)    stress- 
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strain  and  (b)  pore  pressure  response, 
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Figure  4.52   Effect  of  s  /a'   on  calculated  effective 

u   vo 


stress  path. 
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Figure    4.53      Effect   of   B   on   calculated    (a)    stress-strain   and 
(b)    pore   pressure    response. 
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Figure  4.54   Effect  of  B  on  calculated  effective  stress 
path. 


235 

and  shifts  the  effective  stress  path  to  the  right;  however, 
there  is  little  difference  between  0  =  10  and  100.   No 
numerical  problems  were  encountered  with  8  =  100  but  if  nec- 
essary B  =  10  can  be  used  with  only  a  small  error. 

4.6.7  Summary 

The  value  of  s  /a'       had  the  largest  effect  on  the 
u   vo 

(a  -a^)/o'       at  failure  and  the  effective  stress  path. 

Pore  pressure  at  large  strain  was  most  influenced  by  <}>'. 

The  initial  slopes  of  the  (a ,-a^) /a'       and  Au/o'   versus 

1   3    vo  vo 

axial  strain  curves  were  most  affected  by  v'  and  b.   The 
effect  of  a  was  small.   The  influence  of  increasing  each  of 
the  input  soil  properties  while  holding  the  other  properties 
constant  is  summarized  in  Table  4.22. 


Table  4.22 
Summary  of  effect  of  increasing  input  soil  properties 


Effect  on 


Input        (a    -a    ) /a'  hu/a'  shifts 

soi 1  effect  i  ve 

property  at  large  at  large     stress 

increased  slope     strain  slope     strain       path 


v' 

flatter 

none 

flatter 

none 

v.  sma 1 1 

b 

flatter 

none 

flatter 

lower 

r  i  ght 

a 

steeper 

1  ower 

steeper 

h  i  gher 

v.  sma 1 1 

<t>' 

flatter 

none 

none 

h  i  gher 

left 

s  /a' 
u   vo 

steeper 

hi  gher 

steeper 

1  ower 

r  i  ght 

B 

steeper 

1  ower 

steeper 

hi  gher 

left 

236 

This  table  can  be  used  for  guidance  when  adjusting  the  input 

soil  properties  to  obtain  a  better  fit  between  observed  and 

calculated  behavior.   For  test  CIUC-1  a  lower  b,  higher 

s  /a'     ,  and  lower  v'  would  result  in  a  much  better  fit  to 
u   vo 

the  observed  data. 

4.7  SUMMARY 

The  main  findings  of  this  chapter  are  summarized  below. 

1.  A  straight  forward  procedure  to  determine  the  cap 

parameters  for  normally  consolidated  soils  was  developed. 

The  main  input  soil  properties  are  the  compressibilities  in 

virgin  loading  and  unloading/reloading,  the  effective  Mohr- 

Cou  1  omb  shear  strength  parameters  (4>'  and  c'),  and  the 

undrained  shear  strength  ratio  s  /a'  .   Solutions  are 

u   vo 

given  in  graphical  form  and  equations  suitable  for  hand  cal- 
culation.  Worked  examples  illustrate  the  procedure.   In 
addition,  a  procedure  was  presented  for  overconsol i dated 
soils  to  determine  the  initial  position  of  the  cap  the 
yields  the  correct  undrained  shear  strength. 

2.  The  procedure  was  used  to  determine  the  cap  parame- 
ters for  Boston  Blue  Clay  using  results  from  hydrostatic  and 
K   consolidated  triaxial  and  plane  strain  tests.   These 
parameters  were  then  used  fn  a  computer  program  called  CAP 
to  calculate  stress-strain  curves,  pore  pressure  response. 
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and  effective  stress  paths.   Comparisons  were  made  to 
observed  test  results.   In  general  there  was  excellent 
agreement  except  for  a  large  discrepancy  for  pore  pressures 
and  effective  stress  paths  in  tests  that  underwent  reversal 
of  principal  stress  during  shearing  and  tests  on  overconsol- 
idated  samples.   The  discrepancy  is  at  least  partially 
because  this  implementation  of  the  cap  model  does  not  allow 
plastic  volumetric  strain  for  stress  changes  within  the 
region  bounded  by  the  cap  and  ultimate  failure  surfaces. 

3.  The  model  incorrectly  predicts  pore  pressures  for 
overconsol i dated  soils  and  for  soils  that  experience  rever- 
sal of  principal  stresses.   It  does  not  represent  strain 
softening  or  pore  pressure  increase  after  the  peak  strength 
is  reached. 

4.  Cap  parameters  were  calculated  using  CIU  tri axial 
test  results  for  52  clayey  soils.   The  summary  can  be  used 
for  guidance  when  selecting  parameters  for  preliminary 
designs.   The  aspect  ratio  R  ranged  from  0.58  to  19.5  with 
an  average  of  about  5.   It  tended  to  decrease  with  increas- 
ing s  la'     .   Compressibility  and   4>'  had  a  much  smaller 

u   vc 

influence.   Fair  to  poor  correlation  of  C  ,  C  ,  and  (a- 

c    r 

b) ( 1+e  )  with  liquid  limit  was  found.   The  ratio  (a-b)/b 
o 

does  not  correlate  with  liquid  limit  and  should  be  deter- 
mined directly  from  consolidation  test  results. 
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5.  The  equations  developed  indicate  that  R  is  indepen- 
dent of  the  initial  consolidation  pressure  but  varies  with 

K  .   R  was  found  to  be  independent  of  a'       for  a  series  of 
o  vo 

triaxial  tests  on  Boston  Blue  Clay. 

6.  Cap  parameters  were  calculated  for  15  nonhydrostat- 
i ca 1 1 y  consolidated  triaxial  and  plane  strain  tests.   For  10 
soils  they  were  compared  to  parameters  based  on  specimens 
with  hydrostatic  consolidation.   The  nonhydrostat 1 cal 1 y  con- 
solidated R  were  both  higher  and  lower  than  the  correspond- 
ing hydrostatic  values.   For  Boston  Blue  Clay  the  difference 
was  nearly  an  order  of  magnitude.   There  was  little  improve- 
ment when  the  parameters  were  calculated  using  hydrostat i - 
ca 1 1 y  consolidated  shear  strength  parameters  with  the  nonhy- 
drostat ic  K  . 

o 

7.  Cap  parameters  calculated  with  CIU  strength  data 

and  the  normally  consolidated  K   were  used  to  model  CK  UP5A 

o  o 

tests  on  Boston  Blue  Clay.   There  was  poor  agreement  with 
observed  test  behavior.   This  suggests  that  proper  predic- 
tions for  cases  with  initial  nonhydrostat i c  consolidation 
may  require  cap  parameters  calculated  using  strength  data 
from  nonhydrostat i cal 1 y  consolidated  tests. 

8.  A  parametric  study  was  made  of  the  effect  of  the 
Input  soil  properties  on  calculated  CIU  triaxial  sample 
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behavior.   The  results  can  be  used  for  guidance  if  it  is 

necessary  to  adjust  the  Input  parameters  to  obtain  better 

agreement  between  predicted  and  observed  behavior.   s  /a' 

u   vo 

was  found  to  have  the  largest  influence  on  predicted 
behav  ior . 
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CHAPTER  5 

FINITE  ELEMENT  STUDY  OF 
REINFORCED  EMBANKMENT  BEHAVIOR 


5.1  INTRODUCTION 

A  comparative  study  between  reinforced  and  unreinforced 
embankment  behavior  was  made  using  a  finite  element  analysis 
technique  with  a  cap  type  soil  behavior  model.   An  embank- 
ment composed  of  granular  fill  was  reinforced  by  a  single 
layer  of  reinforcement  placed  at  its  base.   A  typical  em- 
bankment construction  sequence  was  simulated.   The  founda- 
tion soils  were  soft  and  no  drainage  was  allowed  during 
construction.    The  purpose  of  the  study  was  to  investigate 
the  effect  of  reinforcement  on  deformations  and  stresses  and 
to  identify  which  aspects  of  embankment  geometry  and  founda- 
tion properties  had  the  greatest  effect  on  behavior.   A 
study  of  reinforcement  applied  to  embankment  widening  is  the 
subject  of  Chapter  6. 

The  chapter  is  organized  as  follows.   First,  the  finite 
element  analysis  procedure  is  discussed.   Then  the  cases 
analyzed  by  McCarron  (1985)  in  an  earlier  study  are  summa- 
rized and  reassessed  in  light  of  the  improved  techniques  to 
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determine  the  Input  parameters  for  the  cap  model  presented 
in  Chapter  4.   Next  the  embankment  geometries  and  foundation 
properties  used  in  the  present  study  are  presented  followed 
by  results  of  the  finite  element  analysis.   Then  the  results 
are  compared  to  finite  element  analyses  of  reinforced  em- 
bankments available  in  the  literature.   Finally,  the  find- 
ings of  this  study  are  summarized.   The  results  are  compared 
to  limiting  equilibrium  methods  in  Chapter  7. 

5.2  FINITE  ELEMENT  ANALYSIS  PROCEDURE 

The  finite  element  program  used  in  this  study  is  based 
on  a  general  purpose  FE  program  named  NFAP  which  was  origi- 
nally developed  by  Chang  (1980).   The  cap  model  described  in 
Chapter  3  was  implemented  by  McCarron  (1985)  and  McCarron 
and  Chen  (1986a,  1986b).   Segments  of  the  program  that  are 
unnecessary  for  analysis  of  plane  strain  problems  were  elim- 
inated by  Humphrey  (1985b).   This  reduced  version  is  named 
PS-NFAP.   The  solution  algorithm  is  outlined  in  McCarron 
(1985)  and  McCarron  and  Chen  (1986a)  and  input  preparation 
is  described  in  Humphrey  and  Holtz  (1986a).   A  mesh  genera- 
tor was  developed  and  documented  by  McCarron  and  Chen 
(1985).   Its  operation  is  also  documented  in  Humphrey  and 
Holtz  (1986a). 

The  program  performs  an  incremental  load-displacement 
analysis.   After  each  increment  of  load  fs  applied  the 
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displacement  field  is  modified  usinq  an  iterative  procedure 
until  an  equilibrium  configuration  is  reached.   Convergence 
was  based  on  the  difference  between  two  successive  displace- 
ment norms . 

nu1  +  1n  -  nu1  II 

— D —  <  Tolerance  (5.1) 

HUH 
n 

where 

Norm  U  =  HUH  =  ( {U}T{U} ) I/2  (5.2) 

and  {U}  is  the  matrix  of  nodal  displacements,  T  indicates 
transpose,  n  is  load  increment  number,  and  i  is  iteration 
number.   McCarron  (1985)  found  that  a  tolerance  of  17.  pro- 
duced an  acceptable  solution  but  notes  that  this  is  only  an 
indirect  method  of  minimizing  residual  or  unbalanced  forces 
which  exist  after  a  load  increment  is  applied.   The  problem 
was  analyzed  with  an  updated  Lagrangian  formulation  in  which 
the  equilibrium  equations  were  written  in  terms  of  the  most 
recent  equilibrium  configuration.   Geometric  (large  dis- 
placement) and  material  nonl i near i t i es  can  be  represented 
(McCarron,  1985). 

5.2.1  Modeling  Foundation  Soils 

The  foundation  soils  were  modeled  with  two  dimensional 
4  to  8  node  isoparametric  plane  strain  elements  using  second 
order  Gauss  integration.   Soil  behavior  was  represented  with 
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the  strain  hardening  cap  model  described  in  Chapter  3.   Cap 
parameters  for  the  foundation  soils  were  chosen  using  the 
procedure  given  in  Chapter  4. 

5.2.2  Modeling  Embankment  Fill 

The  embankment  fill  was  also  modeled  with  two  dimen- 
sional 4  to  8  node  plane  strain  isoparametric  elements  using 
second  order  Gauss  integration.   Stress-strain  behavior  was 
taken  to  be  elastic-plastic  with  an  ultimate  failure  surface 
of  the  Drucker-Prager  type.   For  soils  that  become  normally 
consolidated  this  ignores  plastic  strains  which  occur  prior 
to  the  stress  state  reaching  the  ultimate  failure  surface. 
Use  of  the  cap  model  would  require  knowledge  of  the  precon- 
solidation  pressure  in  the  compacted  fill  which  is  generally 
unknown.   Finite  element  studies  by  Rowe  (1982)  found  that 
fill  stiffness  had  only  a  secondary  effect  on  reinforced 
embankment  behavior  so  it  is  felt  that  this  procedure  is 
adequate. 

5.2.3  Modeling  Reinforcement 

The  reinforcement  was  modeled  with  2  or  3  node  one- 
dimensional  truss  elements  which  supported  only  axial  ten- 
sile load.   Geometric  and  material  non linearity  were  repre- 
sented.  No  slip  was  allowed  to  occur  at  the  f I  1 1 -rei nforce- 
ment  or  reinforcement-foundation  soil  interfaces.   This 
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assumption  is  adequate  provided:  (1)  the  shear  stresses 
developed  at  the  interface  are  less  than  the  interface 
strength;  or  (2)  the  so i ) -re i nforcement  interface  shear 
strength  equals  or  exceeds  the  soil -soil  shear  strength. 
The  latter  case  was  assumed  for  this  study.   It  implies  that 
slip  will  occur  in  the  adjacent  soil  when  its  shear  strength 
is  exceeded  rather  than  at  the  interface.   This  restricts 
interface  movement. 

5.2.4  Incremental  Construction 

Construction  of  the  embankment  was  simulated  using  an 
incremental  loading  technique  (McCarron,  1985).   The  embank- 
ment was  divided  into  horizontal  layers  each  represented  by 
a  row  of  elements  with  zero  initial  stress.   During  each 
increment  the  gravity  stresses  in  the  next  layer  were 
increased  from  zero  to  their  f u 1 1  value  in  one  or  more 
subi ncrements .   Additional  layers  are  applied  until  failure 
occurs . 

There  is  a  trade-off  between  layer  thickness  and  the 
number  of  subi ncrements .   Thicker  layers  require  more  sub  in- 
crements to  achieve  a  stable  solution  (Nay lor,  et  al., 
1981),  so  there  is  little  savings  in  solution  time  by  using 
excessively  thick  layers.   Thicker  layers  also  result  in  a 
stiffer  embankment  response.   It  is  not  necessary  to  repre- 
sent each  construction  lift  (typically  6  to  10  inches  thick) 
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by  a  layer  of  elements.   Provided  the  thickness  of  the  lay- 
ers is  chosen  so  that  4  to  5  layers  are  applied  prior  to 
embankment  failure,  computed  behavior  is  approximately  the 
same  as  obtained  with  thinner  layers.   This  recommendation 
should  be  reexamined  for  layers  that  are  many  times  thicker 
than  the  construction  lift. 

5.2.5  Effect  of  Submergence 

Large  settlements  are  often  experienced  by  embankments 
constructed  on  soft  ground.   A  ground  water  table  at  or  near 
the  ground  surface  is  often  associated  with  such  foundation 
conditions.   Thus,  a  significant  portion  of  the  fill  may 
settle  below  the  water  table.   PS-NFAP  accounts  for  buoyancy 
forces  by  using  the  buoyant  unit  weight  to  evaluate  the 
gravity  load  for  integration  points  that  settle  below  the 
ground  water  surface  (McCarron,  1985).   Submergence  was 
assumed  to  have  no  effect  on  the  fill's  effective  strength 
parameters . 

5.2.6  Matching  the  Mohi — Coulomb  and  Druckei — Prager  Criterion 

The  Drucker-Prager  parameters  (a  and  <)  can  be  evalu- 
ated directly  from  plane  strain  tests  consolidated  to  ini- 
tial conditions  corresponding  to  in  situ  stresses.    How- 
ever, for  most  problems  a  and  k    must  be  evaluated  from  Mohr- 
Coulomb  parameters  (4>'  and  c')  obtained  from  trt axial  tests. 
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The  circular  cross-section  of  the  Drucker-Prager  criterion 
are  matched  to  the  hexagonal  shaped  Mohr-Coulomb  criterion 
for  selected  stress  systems  using  the  equations  in  Section 
4.2.  1  . 

Conditions  in  the  fill  satisfy  the  assumptions  used  to 
develop  the  plane  strain  matching  equations  (Eqs.  4.5  and 
4.6)  namely:  (1)  stresses  correspond  to  plane  strain  condi- 
tions, and  (2)  increments  of  plastic  strain  are    normal  to 
the  Drucker-Prager  surface.   Analyses  with  PS-NFAP  confirmed 
that  the  intermediate  principal  effective  stress  at  failure 
did  correspond  to  plane  strain  conditions.   Hence,  Eqs.  4.5. 
and  4.6  were  used  for  the  fill  material. 

Conditions  in  the  foundation  soils  at  failure  do  not 
satisfy  the  assumptions  of  Eqs.  4.5  and  4.6.   Even  though 
the  overall  mode  of  deformation  is  plane  strain,  analyses 
with  PS-NFAP  showed  that  the  stresses  at  failure  did  not 
correspond  to  plane  strain  conditions.   Furthermore,  it  is 
recalled  that  the  stress  state  at  failure  is  at  the  inter- 
section between  the  cap  and  ultimate  failure  surfaces  and 
the  plastic  strain  increments  are  normal  to  the  cap  not  the 
Drucker-Prager  surface  (Fig.  3.2c). 

An  alternate  procedure  was  developed  for  the  foundation 
soils.   A  value  of  n  (Eq.  4.7)  was  assumed  and  a  and  k    were 
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computed  using  Eqs .  4.8  and  4.9.   These  were  used  as  input 
to  PS-NFAP  and  the  average  calculated  n  at  failure  were  com- 
pared to  the  assumed  value.   If  necessary  a  revised  n  was 
assumed  and  the  process  repeated.   For  normally  consolidated 
and  lightly  overconsol i dated  soils,  the  comparison  was  made 
at  the  point  where  the  state  of  stress  reached  the  intersec- 
tion of  the  cap  and  Drucker-Prager  surfaces.   For  more  heav- 
ily overconsol i dated  soils  the  stress  path  intersects  the 
Drucker-Prager  surface  before  reaching  the  cap.   This  inter- 
section is  the  transition  from  small  elastic  strains  to  much 
larger  elastic  plus  plastic  strains.   It  was  felt  to  be  most 
important  to  model  this  point  correctly  so  the  calculated 
and  assumed  n  were  compared  there.   For  all  soils  the 

resulting  a  and  <  are  between  the  triaxial  compression  and 

1/2   , 

triaxial  extension  values.   Matching  J?_  /°^0  ancl 

s  /a'       also  is  a  function  of  n.   They  were  matched  usina 
u   vo 

Eq.  4.42. 

5.2.7  Definition  of  Failure 

Failure  or  collapse  load  was  defined  as  the  point  at 
which  some  of  the  nodal  displacements  for  an  increment  of 
load  became  so  large  that  the  solution  was  unable  to  con- 
verge or  the  point  at  which  the  system  of  equations  became 
nonpositive  definite  (McCarron,  1985)  which  means  the  strain 
energy  Is  less  than  zero  (Cook,  1974).   This  point  can  only 
be  determined  approximately  due  to  the  size  of  the  loading 
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increments  and  numerical  details  of  the  solution  technique. 
Direct  comparisons  between  calculated  collapse  heights  for 
different  cases  should  therefore  be  made  with  caution.   It 
is  better  to  examine  the  load-deformation  behavior  prior  to 
failure  when  comparing  different  cases. 

As  a  measure  of  the  benefit  provided  by  reinforcement 
the  relative  increase  in  surcharge  made  possible  by  the 
reinforcement  is  defined.   Consider  the  horizontal  displace- 
ment at  the  embankment  toe  versus  surcharge  curves  for  a 
pair  of  companion  reinforced  and  unreinforced  embankments  as 
shown  on  Fig.  5.1.   Each  has  a  corresponding  horizontal  dis- 
placement at  the  toe  at  failure  (D  ,  D  )  .   The  percent 
increase  in  surcharge  applied  at  the  centerline  (or  equiva- 
lent ly  the  embankment  height)  is  compared  at  the  smaller  of 
the  two  displacements  at  failure.   For  the  example  shown  on 
Fig.  5.1  the  reinforced  embankment  failed  at  a  smaller  dis- 
placement.  At  this  displacement,  the  surcharge  of  the  unre- 
inforced embankment  L   is  0.86  ksf  and  the  increase  in  sur- 

u 

charge  made  possible  by  the  reinforcement  AL  is  0.19  ksf. 
The  surcharge  for  the  reinforced  embankment  is  AL/L   =  227. 
greater  than  the  unreinforced  embankment,  i.e.,  the  relative 
increase  is  227.. 
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Figure    5.1       Definition    of    relative    increase    in    surcharge 
made    possible    by    reinforcement. 
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5.2.8  Limitations  of  Cap  Model 

The  cap  model  has  some  limitations  which  impact  upon 
the  problems  analyzed  in  this  study.   One  is  that  pore  pres- 
sure changes  due  to  reversal  of  principal  stresses  in  ini- 
tial ly  normally  consolidated  soils  are  not  modeled  as  dis- 
cussed in  Section  4.2.4.4.   Because  of  this  limitation,  it 
was  necessary  to  assume  that  the  undrained  shear  strength 

ratio  s  /a'       was  the  same  regardless  of  stress  path,  and 
u   vo 

low  values  of  s  la'       typically  observed  for  extension 
u   vo 

loading  could  not  be  modeled.   Reversal  of  principal 
stresses  occurs  near  the  toe  of  the  embankment.   In  this 
area  the  computed  shear  strengths  are  overestimated,  pore 
pressures  underestimated,  and  deformations  underestimated 
(Almeida,  et  al.,  1986).   It  is  felt  that  this  would  under- 
estimate the  deformations  and  force  in  the  reinforcement  and 
the  relative  increase  in  surcharge  made  possible  by  the 
reinforcement.    However,  the  height  at  failure  may  be  over- 
estimated for  both  reinforced  and  unreinforced  embankments. 

The  model  does  not  predict  the  reduction  in  undrained 
strength  or  increase  in  pore  water  pressure  that  occurs 
after  the  peak  strength  is  reached  in  strain  softening  soil. 
Again  this  would  overestimate  the  shear  strength  and  under- 
estimate the  pore  pressures  and  deformations.   The  reinforc- 
ing force  at  a  given  surcharge  and  relative  increase  in 
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surcharge  due  to  reinforcement  would  be  underestimated,  but 
the  height  at  failure  would  be  overestimated. 

Another  limitation  is  the  ability  to  model  behavior  of 
overconso 1 i dated  soils  as  discussed  in  Section  4.2.4.3.   Eq. 
4.67  was  used  to  establish  the  initial  position  of  the  cap. 
This  leads  to  correct  prediction  of  undrained  strength  at 
failure  and  fair  agreement  between  predicted  and  observed 
strains  (Section  4.4.4).   However,  pore  pressures  are  not 
predicted  correctly  and  plastic  strains  which  many  overcon- 
so li  dated  soils  experience  for  stress  changes  in  the  elastic 
region  bounded  by  the  cap  and  ultimate  failure  surfaces  are 
not  accounted  for.   Also,  strain  softening  after  failure  can 
not  be  modeled.   It  is  speculated  that  this  would  lead  to 
underestimation  of  deformations  and  force  in  the  reinforce- 
ment but  overest imat ion  of  the  failure  height. 

5.3  CASES  ANALYZED 

The  behavior  of  reinforced  and  unrei nforced  embankments 
was  compared  to  evaluate  the  influence  of  reinforcement. 
The  effect  of  embankment  geometry  and  soil  properties  on 
reinforced  embankment  behavior  was  examined.   The  study, 
Initiated  by  McCarron  (1985),  was  continued  in  the  present 
work. 
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5.3.1  Cases  Analyzed  by  McCarron 

McCarron  (1985)  analyzed  embankments  with  base  widths 
of  90,  120,  and  180  ft  and  2h:lv  side  slopes.   Fill  material 
was  granular  with  properties  similar  to  those  used  by  Rowe, 
et  al.  (1984b).   The  effective  friction  angle  was  4>'  =  32 
which  corresponds  to  a  =  0.17  for  plane  strain  conditions 
(Eq.  4.5).   A  small  cohesion  intercept  of  k    =    0.0  1  ksf  was 
used.   The  following  equation  was  used  for  the  bulk  modulus 

K  =  K    [  1  -  K,exp(KJ  '.  )]  (5.3) 

max       1      2  1 

The  fitting  parameters  were  based  on  nonlinear  stress  strain 

parameters  qiven  by  Rowe,  et  al.  (1984b):   K     =  600  ksf, 

max 

K   =  0.95,  and  K   =  0.02.   Eq.  5.3  is  different  than  the 
equation  used  in  the  present  study  and  is  less  convenient  to 
fit  to  commonly  available  soil  parameters.   Poisson's  ratio 
was  v'  =  0.35  and  Eqs .  4.18  and  4.22  were  used  to  relate  the 
shear  and  bulk  moduli.   A  layer  thickness  of  7.5  ft  was  used 
for  incremental  construction  which  was  about  the  same  as  the 
calculated  failure  heights.   Consequently,  incremental  con- 
struction was  not  modeled  realistically  by  McCarron  (1985). 

Three  sets  of  foundation  properties  were  considered. 
The  first,  designated  type  I,  was  intended  to  have  proper- 
ties representative  of  Indiana  Glacial  clay  with  saturated 
unit  weight  y  =115  pcf,  C   =  0.01-0.07,  C   =  0.08-0.37, 

<t>'    =  28°,  and  s  /a'       =    0.34-0.36  (Wu,  1958;  IDOH,  1985a, 
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1985b;  D'Appo Ionia,  1964a,  1964b).   Poisson's  ratio  was 
assumed  to  be  0.3.   The  Drucker-Prager  and  Mohr-Coulomb  cri- 
terion were  matched  for  trlaxial  compression  (Eq.  4.1)  which 
overestimated  a.       The  aspect  ratio  R  was  calculated  with  an 
approximate  procedure  and  the  resulting  value  was  too  high. 
Unfortunately  the  hardening  parameters  D  and  W  were  fit  at 
stresses  much  greater  than  occurring  in  the  cases  analyzed. 
They  actually  correspond  to  C   =  0.06  which  is  much  less 
than  the  average  of  typical  values  given  above.   This 
resulted  in  underestimation  of  plastic  strains.   The  founda- 
tion had  a  7.5-ft  thick  dried  crust  with  s   =  0.25  ksf.   K 

u  o 

was  assumed  to  be  1.0  in  the  crust  and  0.47  in  the  normally 
consolidated  soils  underlying  the  crust.   The  cap  parameters 
are  summarized  in  Table  5.1. 

The  second  set  of  soil  properties,  designated  type  II, 
was  intended  to  represent  a  very  soft  clay  with  C   =  1.5  and 
C   =  0.2.   Other  soil  properties  were  the  same  as  for  type 
I.   The  cap  parameters,  calculated  using  an  approximate  pro- 
cedure, are  summarized  in  Table  5.1.   Again  the  hardening 
parameters  D  and  W  were  fit  at  stresses  much  greater  than 
occurring  in  the  cases  analyzed  and  actually  correspond  to 

C   =  0.8.   Also,  the  parameters  for  the  bulk  modulus  (Eq. 
c 

5.3)  were  fit  at  stress  levels  that  were  too  high  and  actu- 
ally correspond  to  C   =  0.08.   The  effect  of  both  was  to 
underestimate  strains.   A  7.5-ft  thick  dried  crust  with 
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Tab  1 e  5 . 1 
Cap  parameters  for  foundation  soils 
used  by  McCarron  (1985). 


Paramet 

er 

Foundat Ion 
Type  I 

Foundat Ion 
Type  I  1 

Foundat Ion 
Type  I  I  I 

K    " 
max 

5000  ksf 

5000  ksf 

5000  ksf 

V 

0.999 

0.999 

0.999 

V 

0.007 

0.004 

0.004 

G. 

0.46 

0.46 

0.46 

G2 

0.0 

0.0 

0.0 

R 

w 

D 
a 
< 

Ysat 

2.0 

0.29     ? 

0.012  ft  /k 

0.2 

0.0  1  ksf 

1 15  pcf 

2.0 

1  .0    7 

0.1  ft  /k 

0.2 

0.01  ksf 

1  15  pcf 

2.0 

1  .0    ? 

0.1  ft  /k 

0.2 

0.01  ksf 

102  pcf 

s   (crust) 

0.25  ksf 

0.25  ksf 

0. 13  ksf 

•  Used 

In 

Eq.  5.3 
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s   =  0.25  ksf  was  assumed.   The  third  set  of  parameters, 
u 

designated  type  III,  had  the  same  properties  and  cap 
parameters  as  type  II  except  that  y  =102  pcf  and  the 

undrained  shear  strength  of  the  crust  was  0.13  ksf. 


A  single  layer  of  reinforcement  with  a  modulus  of  60 
k/ft  (5000  lb/in.;  880  kN/m)  located  at  the  interface 
between  the  embankment  and  foundation  was  considered.   This 
corresponds  to  a  strong  woven  fabric  or  geogrid. 

Only  general  conclusions  can  be  drawn  from  McCarron's 

work  for  the  followinq  reasons:  (1)  C   for  all  three  founda- 

c 

tions  and  C   for  types  II  and  III  were  underestimated;  (.2) 
the  Drucker-Prager  and  Mohr-Coulomb  criterion  were  matched 
for  triaxial  compression,  this  overestimated  the  a-value; 
(3)  the  approximate  procedure  used  to  determine  R  yielded 
values  that  were  too  large;  and  (4)  the  layers  used  in  the 
incremental  construction  were  too  thick.   Nonetheless 
McCarron's  work  suggests  that  reinforcement  was  more  effec- 
tive for  the  more  compressible  foundation  and  weaker  crust, 
and  the  influence  of  embankment  width  was  small.   McCarron 
(1985)  also  investigated  the  bearing  capacity  of  the  three 
foundation  types  by  applying  a  uniform  surface  load  of  width 
B.   There  was  reasonable  agreement  between  failure  loads 
calculated  by  the  program  and  predicted  by  conventional 
bearing  capacity  theory. 
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5.3.2  Cases  Analyzed  in  this  Study 

The  influence  of  several  factors  on  reinforced  embank- 
ment behavior  were  studied.   In  addition,  some  of  the  cases 
examined  by  McCarron  (1985)  were  reanalyzed  because  of  the 
problems  noted  above.   The  influence  of  reinforcement  was 
assessed  by  comparing  behavior  of  reinforced  and  unre in- 
forced  embankments.   A  total  of  15  combinations  of  embank- 
ment geometry  and  soil  properties  were  considered.   The 
effect  of  crust  strength,  pockets  of  weak  soil  in  the  crust, 
foundation  compressibility,  foundation  thickness,  embankment 
width,  and  embankment  side  slopes  were  studied. 

Several  embankment  geometries  and  foundation  depths 
were  considered.   An  embankment  with  a  180-ft  base  width  and 
2h : 1 v  side  slopes  on  a  30-ft  thick  foundation  was  chosen  as 
the  standard  embankment  and  was  used  as  the  basis  for  com- 
parison with  other  cases.   Analyses  were  made  for  embank- 
ments with  120  and  180-ft  base  widths  and  2h:lv  and  3h:lv 
side  slopes.   Foundation  depths  of  15,  30,  and  60  ft  were 
considered.   The  finite  element  meshes  for  each  depth  are 
shown  in  Figs.  5.2,  5.3,  and  5.4.   Similar  meshes  were  used 
for  the  120-ft  base  width  and  3h:lv  side  slope  embankments. 
For  all  analyses  the  water  table  was  at  the  ground  surface. 

The  fill  material  was  granular  with  properties  similar 
to  those  used  by  McCarron  (1985).   The  Mohr-Coulomb  friction 
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angle  was  32   so  a  was  0.17  for  plane  strain  conditions  (Eq. 
4.5).   A  small  cohesion  intercept  of  <    =  0.0001  ksf  was  used 
because  analyses  with  k    =    0  experienced  numerical  difficul- 
ties under  some  circumstances.   The  bulk  modulus  fitting 
parameters  were  chosen  by  trial  and  error  to  match  nonlinear 
stress  strain  parameters  given  by  Rowe ,  et  al.  (1984b).   K 

=  190  and  K„  =  0.65  provided  a  reasonable  fit.   A   =  2.116 
2  p 

ksf  was  used.   The  equation  for  the  bulk  modulus  (Eq.  4.11) 
allows  K  to  approach  zero  for  small  values  of  I'.   This 
caused  numerical  difficulties  during  incremental  embankment 
construction  since  the  elements  have  zero  initial  stress  and 
hence  zero  modulus.   To  avoid  this  difficulty  a  minimum  mod- 
ulus of  20  ksf,  corresponding  to  an  overburden  pressure  of  a 
few  ft  of  fill,  was  specified.   Poisson's  ratio  was  taken  to 
be  0.35  resulting  in  G{    =  0.33  and  G2  =  0.0  (Eq.  4.22).   The 
unit  weight  of  the  fill  was  125  pcf.   The  model  parameters 
are  summarized  in  Table  5.2. 


A  layer  thickness  of  1.875  ft  was  used  to  simulate 
embankment  construction.   This  resulted  in  2  to  6  layers 
being  placed  prior  to  embankment  failure.   Thinner  layers 
were  not  possible  with  a  reasonable  size  finite  element 
mesh.   A  limited  study  with  7.5,  3.75,  and  1.875-ft  thick 
layers  showed  that  thinner  layers  caused  slightly  greater 
horizontal  displacements  at  the  embankment  toe,  maximum 
force  in  the  reinforcement,  and  extent  of  the  plastic  zone 
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Table  5.2 
Model  parameters  for  fill  material 


o 

- 

0.  17 

< 

= 

0.0001  ksf 

Kl 

= 

190 

K2 

= 

0.65 

ml  n 

= 

20  ksf 

A 
P 

- 

2. 1 16  ksf 

Gl 

- 

0.33 

G2 

= 

0.0 

Y 

= 

125  psf 
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in  the  foundation  but  a  slightly  lower  height  at  failure. 
This  is  because  thicker  layers  result  in  a  stiffen  embank- 
ment response.   Similar  results  were  found  by  Boutrup  and 
Holtz  (1982). 

The  input  soil  properties  for  the  normally  consolidated 

foundation  soils  are  similar  to  those  used  by  McCarron 

(1985)  for  Indiana  Glacial  clay.   They  are  summarized  in 

Table  5.3.   The  cap  parameters  were  determined  using  the 

procedure  given  in  Chapter  4  and  are  summarized  in  Table 

5.4.   A  minimum  bulk  modulus  of  1  ksf  was  assumed.   The 

s  /a'       value  of  0.32  is  greater  than  the  average  value 
u   vo 

typically  observed  for  embankment  failures  (Milligan  and  La 
Roche  lie,  1984),  however,  a  smaller  value  cannot  be  modeled 
due  to  the  limitations  discussed  in  Section  5.2.8.   This 
value  is  near  the  minimum  that  satisfies  the  condition  that 
J_    be  less  than  J„{.   (Eq.  4.57).   The  n-value  was 

CO  CT 

found  using  the  procedure  given  in  Section  5.2.6.   For  the 
normally  consolidated  soils  the  average  value  of  n  at  fail- 
ure was  0.2.   For  this  n ,  the  calculated  s  /a'       were 

u   vo 

within  ±  27.  of  the  value  used  to  calibrate  the  model  but  the 

1/2 
J„  /a'       was  overpredi  cted  by  1-47..   8  was  chosen  to 
2f    vo 

be  10  (Naylor,  1973). 

The  effect  of  crust  strength  was  examined  for  three 

cases:  (1)  7.5-ft  thick  crust  with  s   =  0.25  ksf,  (2)  7.5-ft 

u 


263 


Table  5.3 
Normally  consolidated  soil  properties  used 
to  calibrate  the  cap  model. 


♦' 

= 

28° 

c' 

= 

0.0 

s    /a' 

u      vo 

s 

0.32 

C 

c 

= 

0.25 

C 
r 

= 

0.04 

e 
o 

= 

0.7 

v' 

= 

0.3 

Ysat 

= 

1 15    pcf 
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Table  5.4 
Cap  parameters  for  normally  consolidated  soil 


a 

- 

0.  183 

«c 

= 

0.0001  ksf 

Kl 

= 

98.0 

K2 

= 

1.0 

ml  n 

= 

1  .0  ksf 

A 
P 

= 

2. 1 16  ksf 

Gl 

= 

0.46 

G2 

= 

0.0 

Dx 
o 

= 

-0.996 

w 

= 

0.  146 

R 

= 

0.75 

Ysat 

= 

1 15  pcf 

K 
o 

=r 

0.47 

e 

= 

10 
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thick  crust  with  s   =  0.125  ksf,  and  (3)  no  crust  (i.e., 

normally  consolidated).   The  strength  and  modulus  profiles 

for  each  case  are  shown  in  Fig.  5.5.   K   was  taken  to  be  1.0 

for  the  strong  crust  and  0.6  for  the  weak  crust.   The  n  that 

gives  the  correct  match  between  the  Mohr-Cou 1 omb  and 

Drucker-Prager  criterion  (Section  5.2.5)  was  0.45  for  s   = 

u 

0.25  ksf  and  0.30  for  s   =  0.125  ksf.   The  cap  parameters 

u 

for  the  strong  and  weak  crusts  are  summarized  in  Table  5.5. 
Parameters  for  the  no  crust  case  are  given  in  Table  5.4. 
The  influence  of  a  pocket  of  weak,  normally  consolidated 
soil  in  an  otherwise  strong  crust  was  investigated.   Two 
locations  were  considered:  one  at  the  toe  of  the  embankment 
and  the  other  beneath  the  embankment  slope  as  shown  on  Fig. 
5.6. 


The  behavior  of  an  embankment  on  a  compressible  founda- 
tion was  also  investigated.   The  input  soil  properties  were 

the  same  as  in  Table  5.3  except  that  C   =0.70  and  C   = 

C  r 

0.15.   The  ratio  between  C   and  C   is  near  the  median 

c       r 

observed  for  76  clayey  soils  (Table  4.13).   Cap  parameters 
for  the  normally  consolidated  layers  and  the  strong  and  weak 
crusts  are  shown  in  Table  5.6.   It  was  desired  to  investi- 
gate only  the  effect  of  compressibility  so  the  same  s  /°' 
was  used  even  though  for  a  real  soil  it  would  probably  be 
higher  for  a  more  compressible  (and  hence  more  plastic) 
soi  1  . 
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( b.)  COMPRESSIBLE  FOUNDATION 

Figure  5.5  Profile  of  undrained  shear  strength,  bulk 
modulus,  and  shear  modulus  for  normal  and 
compressible  foundations. 
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Table  5.5 
Cap  parameters  for  overconsol t dated  layers. 


Parameter 

Strong 

Weak 

crust 

crust 

Q 

0.  16 

0.  17 

c 

0.0001  ksf 

0.0001  ksf 

Kl 

98.0 

98.0 

K2 

1.0 

1  .0 

K  . 

mi  n 

1.0  ksf 

1  .0  ksf 

A 
P 

2. 1 16  ksf 

2.  1  16  ksf 

Gl 

0.46 

0.46 

G2 

0.0 

0.0 

Dx 
o 

-0.996 

-0.996 

X 

o 

-1  .75 

-0.83 

w 

0.  146 

0.  146 

R 

0.75 

0.75 

Ysat 

1 15  pcf 

1 15  pcf 

K 
o 

1  .0 

0.6 

6 

10 

10 
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Table  5.6 
Cap  parameters  for  compressible  foundation. 

Parameter    Normally       Strong         Weak 
consol Idated   crust         crust 


Q 

0.  18 

0.  16 

0.  17 

K 

0.0001  ksf 

0.0001  ksf 

0.0001  ksf 

Kl 

26.  1 

26.  1 

26.  1 

K2 

1.0 

1.0 

1.0 

mi  n 

1.0  ksf 

1 .0  ksf 

1 .0  ksf 

A 
P 

2. 1 16  ksf 

2. 1 16  ksf 

2. 1 16  ksf 

Gl 

0.46 

0.46 

0.46 

G2 

0.0 

0.0 

0.0 

Dx 
o 

-0.994 

-0.994 

-0.994 

X 

o 

Eq.  4.76 

-1  .77 

-0.84 

w 

0.382 

0.382 

0.382 

R 

0.82 

0.82 

0.82 

Ysat 

1 15  pcf 

1 15  pcf 

1 15  pcf 

K 
o 

0.47 

1  .0 

0.6 

CQ    II 

10 

10 

10 
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A  single  layer  of  reinforcement  with  a  modulus  of  60 
k/ft  (5000  lb/in.;  880  kN/m)  extending  across  the  full  width 
of  the  embankment  base  was  used.   The  modulus  is  the  same  as 
used  by  McCarron  (1985)  and  corresponds  to  a  high  modulus 
woven  geotextile  or  geogrid.   For  example,  Tensar  SR2 
geogrid  has  an  average  modulus  of  about  40  k/ft  (3300 
lb/in.;  580  kN/m)  and  a  breaking  strength  of  5  k/ft  (420 
lb/ in.;  73  kN/m)  (McGown,  et  al.,  1984).   The  effect  of 
varying  the  reinforcement  modulus  on  embankment  behavior  was 
not  investigated. 

A  total  of  15  combinations  of  embankment  geometry, 
foundation  depth  and  foundation  soil  properties  were  ana- 
lyzed.  They  are  summarized  in  Table  5.7. 

5.4  RESULTS  OF  ANALYSIS 

Results  of  a  comparative  study  of  reinforced  and  unre- 
inforced  embankment  behavior  are    given  in  this  section. 
First,  the  behavior  of  reinforced  and  unreinforced  embank- 
ments with  180-ft  base  widths  and  2h:lv  side  slopes  on  a  30- 

ft  thick  foundation  with  a  7.5-ft  thick  weak  crust  (s   = 

u 

0.125  ksf)  and  the  development  of  the  reinforcement  forces 
are  examined  in  detail.   Then  the  effect  of  crust  strength, 
foundation  compressibility,  foundation  thickness,  base  width 
and  side  slope  on  embankment  behavior  is  presented. 
Finally,  the  effect  of  reinforcement  for  all  the  cases 
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Table  5.7 
Summary  of  cases  analyzed. 

Strong   Weak    No 
Crust   Crust  Crust 

I.  180'  wide  embankment 

A.  2h:lv  side  slope 

1.  Normal  foundation  compressibility 

a.  15'  foundation  depth  XXX 

b.  30'  foundation  depth  XXX 

c.  60'  foundation  depth  X 

2.  Compressible  foundation 

a.  30'  foundation  depth  XXX 

3.  Weak  pocket  at  toe 

a.  30'  foundation  depth  X 

4.  Weak  pocket  beneath  slope 

a.  30'  foundation  depth  X 

B.  3h:lv  side  slope 

1.  Normal  foundation  compressibility 

a.  30'  foundation  depth  X  X 

II.  120'  wide  embankment 
A.  2h:lv  side  slope 

1.  Normal  foundation  compressibility 
a.  30'  foundation  depth  X 
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studied  is  summarized.   Unless  noted  otherwise,  the  embank- 
ments discussed  in  this  section  have  a  180-ft  base  width  and 
2h : 1 v  side  slopes  and  the  foundations  are  30  ft  thick  with  a 
7.5-ft  thick  weak  crust  and  normal  compressibility  (i.e.,  C 

=0.25  and  C   =  0.04) . 
r 


5.4.1  Comparison  of  Reinforced  and  Unre i nforced  Embankment 
Behav  i  or 


A  detailed  examination  is  presented  of  the  behavior  of 

reinforced  and  unreinforced  embankments  with  a  180-ft  base 

width  and  2h:lv  side  slopes  on  a  30-ft  thick  foundation  with 

a  7.5-ft  thick  weak  crust  (s   =  0.125  ksf).   Horizontal  dis- 

u 

placement  at  the  embankment  toe  and  maximum  settlement  at 
the  base  of  the  embankment  versus  the  surcharge  applied  at 
the  center  line  are  shown  in  Fig.  5.7.   The  height  at  failure 
was  8.4  ft  (surcharge  =  1.05  ksf)  for  the  reinforced  embank- 
ment compared  to  7.5  ft  (surcharge  =  0.94  ksf)  for  the  unre- 
inforced embankment.   For  both  embankments  the  rate  of  dis- 
placement increased  as  the  applied  surcharge  increased.   The 
relative  increase  in  surcharge  (defined  in  Section  5.2.7) 
made  possible  by  the  reinforcement  was  227..   The  maximum 
reinforcement  force  versus  surcharge  is  also  shown  in  Fig 
5.7.   The  force  was  1.34  k/ft  (110  lb/ in.;  20  kN/m)  at 
fa  i 1 ure . 
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DISPLACEMENT   (FEET) 


MAX. 


0.5 
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1.0  1.5  2.0 
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Figure  5.7 


Comparison  of  behavior  for  reinforced  and 
unret nforced  embankments,  30-ft  thick  founda- 
tion, weak  crust. 
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Reinforcement  locally  alters  the  magnitude  of  the  dis- 
placements but  does  not  alter  the  overall  pattern  of  dis- 
placements.  Horizontal  displacement  at  the  embankment  toe 
and  maximum  settlement  at  the  base  of  the  embankment  were 
reduced  (Fig.  5.7).   Horizontal  displacements  along  several 
vertical  sections  in  the  foundation  for  an  embankment  height 
of  7.5  ft  are  shown  in  Fig.  5.8.   The  largest  displacements 
occur  in  the  upper  10  ft  at  the  sections  beneath  the  slope 
(75  ft  from  center  1  ine)  and  at  the  toe  (90  ft  from  center- 
line).   Reinforcement  clearly  reduces  deformations  in  this 
region  but  has  a  much  smaller  effect  at  other  sections  and 
at  greater  depths.   Settlement  at  the  ground  surface  for  an 
embankment  height  of  7.5  ft  is  shown  in  Fig.  5.9.   The  maxi- 
mum settlement  occurred  beneath  the  embankment  shoulder. 
The  location  of  the  maximum  settlement  is  felt  to  depend 
primarily  on  the  embankment  width,  foundation  depth,  and 
foundation  compressibility.   The  reinforcement  reduces  set- 
tlement beneath  the  slope  and  heave  at  the  toe.   There  is 
almost  no  effect  beneath  the  central  portion  of  the  embank- 
ment or  more  than  30  ft  beyond  the  toe.   Displacement  vec- 
tors for  reinforced  and  unreinforced  embankments  at  failure 
are  compared  in  Fig.  5.10.   Reinforcement  does  not  alter  the 
overall  displacement  pattern.   It  is  seen  that  the  largest 
movements  occur  near  the  toe.   These  findings  are  in  general 
agreement  with  the  results  of  previous  studies  (e.g.,  Ohta, 
et  al.,  1980;  Andrawes,  et  al.,  1980,  1982;  McGown,  et  al.. 
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1981;  Rowe,  1982;  Boutrup  and  Holtz,  1982,  1983;  McCarron, 
1985) . 

The  effect  of  reinforcement  on  stresses  in  the  founda- 
tion was  examined.   There  are  4  possible  states  of  stress 
within  the  framework  of  the  cap  model  as  discussed  in 
Chapter  3:  elastic,  failure,  cap,  and  corner.   The  corner 
state  of  stress  is  perfectly  plastic.   As  the  extent  of  soil 
at  the  corner  state  increases  with  the  applied  load  and 
becomes  unbounded,  i.e.  approaches  the  ground  surface,  fail- 
ure occurs.   The  state  of  stress  for  reinforced  and  unre in- 
forced  embankments  at  heights  of  3.75  and  7.5  ft  and  for  the 
reinforced  embankment  at  a  height  of  8.4  ft  are    compared  in 
Fig.  5.11.   Initially  the  crust  is  elastic  and  the  normally 
consolidated  soils  are    on  the  cap.   For  the  3.75-ft  height 
there  is  very  little  difference  except  that  for  the  rein- 
forced case  the  failure  zone  in  the  crust  is  shifted 
slightly  toward  the  center  line  and  the  extent  of  the  cap 
zone  in  the  normally  consolidated  soil  beyond  the  toe  is 
slightly  reduced.   There  is  a  large  elastic  zone  in  the  nor- 
mally consolidated  soil  beyond  the  toe.   It  is  due  to  reduc- 
tion in  shear  stress  caused  by  increase  in  horizontal  stress 
from  the  embankment  load  while  the  vertical  stress  remains 
nearly  constant.   This  causes  the  state  of  stress  to  move 
from  the  cap  into  the  elastic  state.   Part  of  the  overcon- 
soli dated  layer  beneath  the  embankment  has  become  normally 
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consolidated  (i.e.  cap  or  corner).   At  a  height  of  7.5  ft 
the  extent  of  the  corner  zone  has  increased  and  more  of  the 
over-consolidated  layer  has  become  normally  consolidated. 
The  main  effect  of  the  reinforcement  was  to  reduce  the 
extent  of  corner  loading.   For  the  unreinforced  embankment, 
the  corner  zone  has  reached  the  ground  surface  indicating 
uncontained  plasticity  and  imminent  failure.   Also  note  that 
a  few  elements  moved  from  the  corner  to  the  cap  state  indi- 
cating that  some  redistribution  of  load  occurred  or  that  the 
solution  introduces  some  numerical  inaccuracies  as  failure 
is  approached.   The  FE  solution  for  the  unreinforced  embank- 
ment did  not  converge  at  the  next  load  step  at  a  height  of 

8.4  ft.   Comparing  the  reinforced  embankment  at  heights  of 

7.5  and  8.4  ft  (failure)  it  is  seen  that  the  extent  of  cor- 
ner loading  has  increased  and  is  approaching  uncontained 
plasticity.   None  of  the  foundation  soil  was  in  tension  for 
either  reinforced  or  unreinforced  embankments. 


1  /2 
The  change  in  J  '    in  the  foundation  caused  by  rein- 
forcement for  an  embankment  height  of  7 . 5  f t  is  shown  in 

1/2 
Fig.  5.12.   J?    was  reduced  beneath  and  beyond  the  toe 

with  the  greatest  effect  in  the  upper  3.75  ft  of  the  over- 
consolidated  layer.   This  increases  the  safety  factor 

1  /2 
against  instability.   J„    was  increased  slightly  in  the 

overconsol i dated  layer  beneath  the  central  portion  of  the 

embankment  and  at  distances  greater  than  45  ft  from  the  toe 
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but  this  has  a  negligible  effect  on  stability.   As  was  dis- 
cussed in  Sections  4.2.4.3  and  5.2.8  the  cap  model  only 
approximately  represents  the  behavior  of  the  overconsoli- 
dated  crust  so  it  is  felt  that  the  computed  stress  changes 
in  the  crust  are  approximate. 

The  state  of  stress  in  the  fill  is  shown  in  Fig.  5.13. 
For  both  reinforced  and  unreinforced  embankments  much  of  the 
fill  is  at  failure.   At  a  height  of  7.5  ft,  the  elastic  zone 
near  the  center  line  is  larger  for  the  unreinforced  than  for 
the  reinforced  embankment  but  the  elastic  zone  near  the 

shoulder  is  smaller  for  the  unreinforced  case.   The  change 

1/2 
in  J     in  the  fill  for  an  embankment  height  of  7.5  ft  is 

shown  in  Fig.  5.14.   The  general  pattern  shows  reduction  in 
the  outer  portion  of  the  embankment  but  increase  in  the  cen- 
tral portion.   The  former  would  tend  to  increase  stability. 

1/2 
There  are  a  few  seemingly  erratic  changes  in  J     that  may 

be  due  to  si i ght  inaccuracies  in  the  stresses  computed  by 

PS-NFAP  as  failure  is  approached. 

5.4.2  Forces  Developed  in  Reinforcement 

The  distribution  of  force  in  the  reinforcement  as  the 
center  line  surcharge  increases  is  shown  in  Fig.  5.15  for  an 
embankment  with  a  180-ft  base  width  and  2h:lv  side  slope  on 
a  30-ft  thick  foundation  with  a  7.5-ft  thick  weak  crust  (s 
=  0.125  ksf).   It  is  seen  that  the  force  is  low  near  the 
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REINFORCED,  H  -7.5' 
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UNREINFORCED,  H  -  7.5' (FAILURE  ) 


n  .^  .w.  ■  *  w  m  ^  m.  r\  f 


!f/,',V.'S,".lV>',V)-,\" 

'  ■  ■  ■  ■  t   >    ■   A  V   «  A  a  X*A   X   „ 

■    VIS    x,  XXXXXXXXXX*     ■     m    «    *     w    w'   v^  .     -  ■%. 


REINFORCED.  H  -  8.4' (FAILURE) 


|   |  ELASTIC     E3  FAILURE 


Figure  5.13   State  of  stress  in  fill,  reinforced  and 

unreinforced  embankments,  30-ft  thick  founda- 
tion, weak  crust. 
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center  line  and  increases  to  a  maximum  near  the  embankment 
shoulder.   It  then  decreases  to  zero  a  few  ft  inside  of  the 
toe  which  is  consistent  with  field  observations  (Fowler, 
1981;  Fowler  and  Hal i burton,  1980;  Rowe,  et  al . ,  1984a)  and 
FE  results  reported  by  others  (Rowe,  1982;  Rowe,  et  al., 
1984b).   The  location  of  the  maximum  force  did  not  change  as 
the  surcharge  increased  although  for  some  other  cases  it 
tended  to  move  slightly  toward  the  centerline.   The  maximum 
reinforcing  force  versus  surcharge  is  shown  in  Fig.  5.7.   It 
shows  that  the  rate  of  load  takeup  in  the  reinforcement 
increases  as  the  surcharge  increases.   The  force  at  failure 
was  1.34  k/ft  (110  lb/ in.;  20  kN/m)  which  is  much  less  than 
the  typical  breaking  strength  of  strong  geotextiles  or 
geogrids.   This  indicates  that  the  strength  of  the  embank- 
ment fill  and  foundation  soils  are  fully  mobilized  and  fail- 
ure occurs  before  there  are  sufficient  deformations  to 
develop  the  full  tensile  capacity  of  the  reinforcement. 

The  largest  force  gradient  in  the  reinforcement  at  a 
height  of  8.4  ft  occurred  about  80  ft  from  the  centerline 
and  was  0.15  k/ft/ft.   This  must  be  transferred  by  shear 
stress  to  the  soil  above  and  below  the  reinforcement.   The 
available  shear  resistance  between  the  reinforcement  and 
fill  equals  the  vertical  stress  times  tan(4>,_  )  where  4>f_r 
is  the  f  i  1  1 -rei  nforcement  friction  angle.   Assuming  4>f._ 
equals  the  friction  angle  of  the  fill  and  taking  the 
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vertical  stress  to  be  the  height  of  fil I  times  its  unit 
weight  the  available  shear  resistance  is  0.4  ksf.   In 
addition,  if  the  available  resistance  between  the  reinforce- 
ment and  foundation  soil  is  taken  to  be  s   =0.125  ksf,  the 

u 

total  available  shear  resistance  is  about  0.5  ksf.   This  is 
much  greater  than  the  gradient  so  slip  between  the  rein- 
forcement and  surrounding  soil  did  not  occur.   Similar 
results  were  obtained  by  Boutrup  and  Holtz  (1982). 

5.4.3  Effect  of  Crust  Strength 

Displacements  for  reinforced  and  unreinforced  embank- 
ments on  foundations  with  strong,  weak,  and  no  crust  are 
compared  in  Fig.  5.16  for  the  30-ft  foundation  thickness  and 
in  Fig.  5.17  for  the  15-ft  foundation  thickness.   Crust 
strength  is  seen  to  have  a  large  effect  on  surcharge  at 
failure.   The  relative  increases  in  surcharge  made  possible 
by  reinforcement  are  compared  in  Table  5.8.   Reinforcement 
is  much  more  effective  for  the  weak  and  no  crust  cases. 


Table  5.8 
Relative  increase  in  surcharge  made  possible  by 
reinforcement  for  strong,  weak,  and  no  crusts. 

Crust        --  Foundation  thickness  -- 
strength        15         30         60 


Strong  5%         77.         97. 

Weak  157.        227.        

None  607.        707.        
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Figure  5.16   Effect  of  crust  strength  on  horizontal  dis- 
placement at  toe  and  maximum  settlement,  30-ft 
thick  foundation. 
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Figure  5.17   Effect  of  crust  strength  on  horizontal  dis- 
placement at  toe  and  maximum  settlement,  15-ft 
thick  foundation. 
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Horizontal  displacements  in  the  foundation  at  failure 
along  several  vertical  sections  for  the  strong  and  weak 
crust  cases  with  reinforced  embankments  are  compared  in  Fig. 
5.18.   Displacements  are  greater  for  the  strong  crust  case 
since  it  failed  at  a  greater  height  but  note  that  the  zone 
of  larger  displacements  extend  deeper  for  this  case.   For 
both  cases  the  zone  of  largest  displacements  is  in  the  upper 
1 0  f t .   It  follows  that  the  properties  of  this  zone  should 
have  the  largest  influence  on  embankment  behavior. 

The  maximum  reinforcement  force  versus  center  line  sur- 
charge are  compared  in  Fig.  5.19  for  30  and  15-ft  foundation 
depths.   For  a  given  surcharge  the  force  increases  as  crust 
strength  decreases.   The  values  at  failure  did  not  show  a 
consistent  trend  but  were  between  0.96  and  1.67  k/ft  (80  to 
140  lb/ in.;  14  to  24  kIM/m)  for  all  cases. 

The  influence  of  a  pocket  of  weak,  normally  consoli- 
dated soil  in  an  otherwise  strong  crust  was  investigated. 
The  two  cases  shown  on  Fig.  5.6  were  analyzed.   One  had  a 
weak  pocket  at  the  toe  and  the  other  had  a  weak  pocket 
beneath  the  slope.   Horizontal  displacement  at  the  toe  and 
maximum  reinforcement  force  are  compared  to  the  strong  crust 
case  with  no  weak  pocket  in  Fig.  5.20.   The  weak  pocket  in 
either  location  increased  the  horizontal  displacement  and 
reduced  the  height  at  failure  but  the  difference  between  the 
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Figure  5.19   Effect  of  crust  strength  on  maximum  force  in 
reinforcement,  30- ft  and  15- ft  thick 
foundat  ions . 
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Figure  5.20   Effect  of  soft  pocket  on  displacements  at  toe 
and  maximum  force  in  reinforcement  for  rein- 
forced embankment,  30-ft  thick  foundation. 
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no  weak  pocket  case  was  modest.   Reinforcement  is  seen  to 
have  only  a  small  effect.   The  relative  increase  in  sur- 
charge made  possible  by  reinforcement  was  107.  for  the  weak 
pocket  at  the  toe  and  12%  for  the  weak  pocket  beneath  the 
slope.   This  is  compared  to  1%    for  the  strong  crust  with  no 
weak  pocket.   The  maximum  reinforcing  force  for  a  given  sur- 
charge were  increased  only  slightly  by  the  presence  of  the 
weak  pocket.   It  is  concluded  that  weak,  normally  consoli- 
dated pockets  in  an  otherwise  strong  crust  adversely  affects 
overall  stability  but  the  effect  is  modest  and  the  benefit 
provided  by  the  reinforcement  is  small. 

5.4.4  Effect  of  Foundation  Compressibility 

The  effect  of  a  compressible  foundation  was  investi- 
gated using  the  cap  parameters  in  Table  5.6.   Displacements 
for  180-ft  wide  reinforced  and  unreinforced  embankments  with 
2h : 1 v  side  slopes  on  a  30-ft  deep  foundation  with  strong, 
weak,  and  no  crust  are    compared  in  Fig.  5.2  1.   The  rein- 
forcement had  a  beneficial  effect.   The  relative  increases 
in  surcharge  made  possible  by  reinforcement  were  227.,  297., 
and  507.  for  the  strong,  weak,  and  no  crust  cases,  respec- 
tively.  The  maximum  force  in  the  reinforcement  versus  sur- 
charge is  shown  in  Fig.  5.22.   For  a  given  surcharge  the 
force  increased  as  the  crust  strength  decreased  as  was 
observed  for  the  foundation  with  normal  compressibility. 
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Figure  5.21 


Horizontal  displacement  at  toe  and  maximum  set- 
tlement for  reinforced  and  unreinforced  embank- 
ment on  compressible  foundation,  30-ft  thick 
foundat  ion . 
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Maximum  force  in  reinforcement  vs.  surcharge 
for  embankment  on  compressible  foundation, 
30-ft  thick  foundation. 
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Displacements  and  reinforcement  forces  for  reinforced 
embankments  on  normal  and  compressible  foundations  with  weak 
crusts  are  compared  in  Fig.  5.23.   For  a  given  surcharge  the 
compressible  foundation  showed  greater  displacements  and 
higher  reinforcing  forces.   The  relative  increase  in  sur- 
charge made  possible  by  reinforcement  for  normal  and  com- 
pressible foundations  are  summarized  in  Table  5.9.   The 
reinforcement  is  seen  to  be  more  beneficial  for  the  com- 
pressible foundation  and  strong  crust,  about  the  same  for 
the  weak  crust,  and  less  beneficial  for  no  crust. 


Table  5.9 
Relative  increase  in  surcharge  made 

possible  by  reinforcement  for 
normal  and  compressible  foundations 

Crust       --  Compressibility  -- 
Strength    Normal    Compressible 


Strong 

77. 

Weak 

227. 

None 

707. 

227. 
297. 
507. 


Displacement  vectors  at  failure  for  the  reinforced, 
compressible  foundation,  weak  crust  case  are  shown  in  Fig. 
5.24.   Comparison  with  Fig.  5.10  for  the  normal  foundation 
shows  that  the  large  deformations  in  the  foundation  extend 
to  a  greater  depth  for  the  compressible  foundation. 
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Figure  5.23  Comparison  of  displacements  and  maximum  force 
in  reinforcement  for  embankment  on  normal  and 
compressible  foundations,  30-ft  thick  founda- 
tion, weak  crust. 
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5.4.5  Effect  of  Foundation  Thickness 

The  effect  of  foundation  thickness  was  studied.   Dis- 
placements for  15,  30,  and  60-ft  thick  foundations  with  a 
strong  crust  are  compared  in  Fig.  5.25  and  on  15  and  30-ft 
thick  foundations  with  a  weak  crust  in  Fig.  5.26.   Horizon- 
tal displacements  at  the  toe  and  maximum  settlement  at  the 
base  are  larger  for  deeper  foundations  at  low  surcharges  but 
approach  similar  values  near  failure.   Displacement  vectors 
at  failure  for  the  strong  crust  cases  are  compared  in  Fig. 
5.27.   The  pattern  of  movement  near  the  toe  is  similar  for 
all  three  depths  but  for  the  thicker  foundations  larger 
movements  occur  beneath  the  central  portion  of  the  embank- 
ment and  at  greater  distances  from  the  toe.   Horizontal  dis- 
placements in  the  foundation  along  several  vertical  sections 
for  thicknesses  of  15  and  30  ft  and  a  weak  crust  are  com- 
pared in  Fig.  5.28.   For  both  thicknesses  the  largest  move- 
ments occur  in  the  upper  10  ft. 

The  maximum  force  in  the  reinforcement  versus  surcharge 
at  the  center  line  are  compared  in  Fig.  5.29.   For  a  given 
surcharge  slightly  higher  forces  develop  for  thinner 
foundat  ions . 

The  relative  increase  in  surcharge  made  possible  by 
reinforcement  for  the  three  thicknesses  are    shown  In  Table 
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Figure  5.25   Effect  of  foundation  thickness  on  horizontal 
displacement  at  toe  and  maximum  settlement  at 
base  of  embankment  for  reinforced  embankment  on 
strong  crust. 
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Effect  of  foundation  thickness  on  horizontal 
displacement  at  toe  and  maximum  settlement  for 
reinforced  embankment  on  weak  crust. 
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Figure  5.29   Effect  of  foundation  thickness  on  maximum  force 
In  reinforcement,  strong  and  weak  crusts. 
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5.10.   It  is  seen  that  the  beneficial  effect  of  reinforce- 
ment increases  slightly  as  the  thickness  increases. 


Table  5.10 
Relative  increase  in  surcharge  made  possible  by 
reinforcement  for  foundation  thicknesses 
of  15,  30,  and  60  ft. 

Foundation      Crust  strength  

thickness       Strong     Weak       None 


15 

57. 

157. 

607. 

30 

77. 

227. 

7  07. 

60 

97. 





In  summary,  the  effect  of  foundation  depth  on  rein- 
forced and  unreinforced  embankment  behavior  is  small. 

5.4.6  Effect  of  Embankment  Width 

The  effect  of  embankment  width  was  examined  for  base 
widths  of  120  and  180  ft  for  the  2h:lv  side  slope,  30-ft 
deep  foundation,  strong  crust  case  only.   For  the  reinforced 
embankment  there  was  almost  no  effect  on  displacements  or 
the  maximum  force  in  the  reinforcement  as  shown  in  Fig. 
5.30.   Similarly,  there  was  almost  no  effect  on  displace- 
ments for  unreinforced  embankments.   The  relative  increase 
in  surcharge  made  possible  by  reinforcement  for  the  120-ft 
width  was  67.  compared  to  77.  for  the  180-ft  width.   There- 
fore, base  width  has  little  effect  on  behavior  for  widths 
between  120  and  180  ft. 
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Figure  5.30 


Effect  of  embankment  width  on  displacements  and 
maximum  force  in  reinforcement  for  reinforced 
embankment,  30-ft  thick  foundation,  strong 
crust . 
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5.4.7  Effect  of  Embankment  Side  Slope 

Behavior  of  180-ft  base  width  embankments  with  side 
slopes  of  2h:lv  and  3h:lv  were  compared  for  the  30-ft  deep 
foundation  with  strong  and  no  crusts.   Displacements  of  the 
reinforced  embankments  and  maximum  force  in  the  reinforce- 
ment are  compared  in  Fig.  5.3  1  for  the  strong  crust  case  and 
in  Fig.  5.32  for  the  no  crust  case.   Displacements  and  the 
maximum  force  are  greater  for  the  steeper  slope.   The  dif- 
ference increases  as  the  surcharge  increases.   The  relative 
increase  in  surcharge  made  possible  by  reinforcement  were  77. 
for  both  side  slopes  for  the  strong  crust  case.   For  the  no 
crust  case  it  was  707.  for  the  2h:lv  slope  and  537.  for  the 
3h:lv  slope.   Hence,  reinforcement  is  more  beneficial  for 
steeper  embankment  side  slopes  at  least  for  the  no  crust 
case . 

5.4.8  Summary 

The  height  at  failure,  reinforcement  force  at  failure, 
and  relative  increase  in  surcharge  made  possible  by  rein- 
forcement for  the  15  cases  analyzed  are    summarized  in  Table 
5.11.   Failure  heights  ranged  from  2.8  ft  for  no  crust  to 
11.3  ft  for  a  strong  crust.   The  relative  increase  in  sur- 
charge made  possible  by  reinforcement  ranged  from  5  to  707.. 
Crust  strength  was  found  to  be  the  most  important  factor 
governing  embankment  behavior.   The  height  at  failure  of 
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both  reinforced  and  unreinforced  embankments  decreased  with 
crust  strength.   The  beneficial  effect  of  reinforcement 
increased  significantly  as  the  crust  strength  decreased.   A 
pocket  of  normally  consolidated  soil  in  an  otherwise  strong 
crust  had  only  a  small  effect.   Deformations  were  greater 
for  a  compressible  foundation  and  reinforcement  was  effec- 
tive for  the  strong,  weak,  and  no  crust  cases.   The  effect 
of  foundation  depth  was  small  but  reinforcement  was  slightly 
more  beneficial  for  deeper  foundations.   Embankment  base 
widths  of  120  and  180  ft  had  an  insignificant  influence  on 
behavior.   Reinforcement  was  slightly  more  effective  for 
steeper  side  slopes. 

The  maximum  reinforcement  force  at  failure  ranged  from 
0.6  k/ft  to  1.8  k/ft  (50  lb/in.  to  150  lb/in.;  9  kN/m  to  26 
kN/m)  (Table  5.11).   This  is  less  than  the  ultimate  strength 
of  typical  woven  geotextiles  and  geogrids.   It  indicates 
that  the  strength  of  the  embankment  fill  and  foundation 
soils  are  fully  mobilized  and  failure  occurs  before  there 
are  sufficient  deformations  to  develop  the  reinforcement's 
tensile  strength. 

There  was  no  discernible  relation  between  the  maximum 
reinforcement  force  at  failure  and  foundation  properties  or 
embankment  geometry.   This  may  be  due  in  part  to  details  of 
the  analysis  technique  which  affected  the  height  at  which 
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the  FE  solution  failed  to  converge  as  discussed  in  Section 
5.2.7.   Comparing  the  maximum  reinforcing  force  at  equal 
surcharge,  the  force  increased  as  crust  strength  decreased 
and  was  higher  for  the  compressible  foundation  and  steeper 
side  slope.   It  also  was  slightly  higher  for  shallower  foun- 
dations but  base  width  had  an  insignificant  effect. 

5.5  COMPARISON  WITH  BEHAVIOR  PREDICTED  BY  OTHERS 

The  results  of  the  present  study  were  compared  to  other 
finite  element  studies  reported  in  the  literature.   The  pur- 
pose was  to  identify  similarities  and  differences  between 
this  work  and  previous  studies.   Comparisons  were  made  with 
analyses  by  Rowe  (1982),  a  design  method  proposed  by  Rowe 
and  Soderman  (1985a),  analyses  by  Boutrup  and  Holtz  (1982) 
and  analyses  with  the  cap  model  by  McCarron  (1985). 

5.5.1  Comparison  with  Rowe  (1982) 

Rowe  (1982)  made  an  FE  analysis  to  study  the  effect  of 
foundation  properties  and  fabric  modulus  using  the  same 
geometry  as  the  Pinto  Pass  test  embankment  (Fowler,  1981, 
1982;  Fowler  and  Hal i burton,  1980;  Hal i burton,  et  al., 
1978).   The  embankment  was  7.9  ft  high  with  a  172-ft  wide 
base  and  10h:lv  side  slopes  founded  on  very  soft,  highly 
plastic  clays  and  loose  clayey  fine  sands  and  silts  which 
extend  to  depths  of  32  to  39  ft.   A  single  layer  of 
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reinforcement  was  placed  at  the  base  of  the  embankment.   In 
the  analysis  the  soil  was  assumed  to  be  elastic-plastic  with 
a  Mohr-Coulomb  failure  criterion.   Rowe  compared  calculated 
responses  for  the  two  profiles  in  Table  5.12.   The  profile 
numbers  are    the  same  as  used  by  Rowe.   Prof i le  2  has  a  lower 
modulus  and  the  soft  soils  extend  to  greater  depths  than  in 
profile  4.   Conditions  are    undrained  except  as  noted  for 
profile  4  in  Table  5.12.   To  facilitate  comparisons  with 
this  study  the  equivalent  elastic  moduli  are    also  shown. 
They  were  calculated  for  v'  =  0.3  using  (Wroth  and  Houlsby, 
1985;  Chen  and  Saleeb,  1982) 

E  =  Ey  [2( 1+v' )/3]  (5.4) 

K  =  E  /  [3(  l-2v' )  ]  (5.5) 

G  =  E  /  [2( 1+v' ) ]  (5.6) 

Comparison  of  the  undrained  shear  strengths  in  Table  5.12 
with  those  for  the  no  crust  case  in  Fig.  5.5  shows  that  the 
values  for  profile  2  and  4  are    slightly  less  than  those  used 
in  this  study  with  the  difference  increasing  with  depth. 
The  moduli  used  in  this  study  for  the  no  crust,  compressible 
foundation  case  are  smaller  than  Rowe ' s  values  for  shallow 
depths  but  lie  between  the  values  for  profiles  2  and  4  at 
greater  depths.   Thus,  the  properties  of  the  foundation 
soils  used  by  Rowe  and  in  the  present  study  are    similar. 
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Tab  1 e  5.12 
Soil  Profiles  for  Pinto  Pass  test  embankment 
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Rowe  reported  results  for  several  fabric  moduli  but 
only  results  for  a  modulus  of  85.7  k/ft  (7100  lb/in.;  1250 
kN/m) ,  which  is  somewhat  higher  than  the  value  used  in  the 
present  study,  are  reviewed  here.   The  largest  settlements 
were  calculated  at  the  centerline  and  horizontal  displace- 
ments were  greater  50  ft  from  the  centerline  than  at  the  toe 
(86  ft  from  centerline).   The  reduction  in  displacements  due 
to  the  reinforcement  at  an  embankment  height  of  7.9  ft  are 
summarized  in  Table  5.13.   The  benefit  from  using  reinforce- 
ment was  greater  for  profile  2  which  was  deeper  and  had  a 
lower  modulus.   Reinforcement  had  a  larger  effect  on  hori- 
zontal displacements  than  on  settlements.   The  maximum  force 
in  the  reinforcement  was  1.8  k/ft  (150  lb/ in.;  26  kN/m)  for 
profile  2  and  0.8  k/ft  (67  lb/in.;  12  kN/m)  for  profile  4. 
Reinforcement  reduced  the  extent  of  the  plastic  region  in 
the  foundation  and  the  effect  was  greater  for  profile  2  than 
for  prof  i  1 e  4 . 


Table  5.13 
Summary  of  reductions  in  displacements  due 
to  reinforcement  with  modulus  of  85.7  k/ft 

Profile  2    Profile  4 

Sett  1 ement 
at  center  1  i  ne  87.        37. 

50  ft  from  centerline     27.        17. 

Hor  i  zonta 1  movement 
50  ft  from  centerline    407.       357. 
at  toe  207.       157. 
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Direct  comparison  of  the  results  from  Rowe  (1982)  and 
the  present  study  are  not  possible  because  of  the  much  flat- 
ter side  slopes  analyzed  by  Rowe  but  there  is  general  agree- 
ment.  His  results  show  that  reinforcement  was  more  benefi- 
cial for  the  more  compressible  foundation  and  that  rein- 
forcement had  a  greater  effect  on  horizontal  displacements 
than  vertical  settlement.   Rowe  (1982)  and  the  present  study 
both  found  that  reinforcement  reduced  the  extent  of  the 
plastic  zone  in  the  foundation.   The  magnitude  of  the  force 
in  the  reinforcement  is  similar  to  the  no  crust,  compress- 
ible foundation  case  from  the  present  study. 

5.5.2  Comparison  with  Rowe  and  Soderman  (1985a) 

Rowe  and  Soderman  (1985a)  made  an  extensive  finite  ele- 
ment study  to  develop  an  approximate  procedure  to  estimate 
the  allowable  reinforcement  strain  at  embankment  collapse. 
They  termed  this  the  "allowable  compatible  strain",  e  •   It 
is  defined  as  the  maximum  horizontal  strain  at  the  base  of 
an  unreinforced  embankment  just  prior  to  collapse.   They 

found  that  e   was  related  to  a  d  i  mens  ion  1  ess  parameter  SI   as 

a 

shown  in  Fig.  5.33.  Q    is  defined  as 

Q    =    (YfHc/Su)(su/Eu)(D/B)e  (5'7) 

where      y f    =  unit  weight  of  embankment  fill 

H   =  height  of  unreinforced  embankment  at  collapse 
c 

s   =  undrained  shear  strength  of  foundation  soil 
u 
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Figure    5.33       Allowable    compatible    strain    e       vs.    dimension 

3 


less  n  (Rowe  and  Soderman,  1985a) 
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F   =  undrained  Young's  modulus  of  the  foundation 
u 

soi  1 


and  (D/B)   is  the  effective  ratio  of  the  depth  of  the  foun- 
dation soil  to  the  crest  width.   A  consistent  relationship 

between  e   and  ft  was  obtained  when  the  ratio  was  taken  as 
a 

(D/B)   =  0.2,  D/B  <  0.2  (5.8a) 

Q 

(D/B)   =  D/B,  0.2  <  D/B  <  0.42         (5.8b) 

(D/B)   =  0.84  -  D/B,     0.42  <  D/B  <  0.84        (5.8c) 
e  — 

(D/B)   =  0,  0.84  <  D/B  (5.8d) 

e 

where      D  =  depth  of  the  soft  foundation  soil 
B  -    embankment  crest  width 


Eq.  5.8a  applies  to  embankments  that  are  wide  relative  to 
their  foundation  depth  and  only  the  outer  portion  of  the 
embankment  is  involved  in  the  failure.   For  the  range  gov- 
erned by  Eq.  5.8b  increasing  D/B  increases  e  .   The  largest 

3 

(D/B)   is  0.42.   It  is  obtained  for  D/B  =  0.42  (Eq.  5.8b  or 
e 

5.8c).  For  D/B  greater  than  0.42  (Eq.  5.8c)  the  horizontal 
component  of  displacement  at  the  base  of  the  embankment 
decreases,  hence,  e   decreases.   Finally,  for  large  D/B  in 
excess  of  0.84  (Eq.  5.7d)  reinforcement  has  no  effect 
because  deep  seated  bearing  capacity  failure  controls. 
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Comparison  of  their  results  with  the  present  study 

requires  proper  choice  of  a  representative  s   and  E  .   In 

the  present  study,  the  properties  of  the  upper  7.5  ft  of 

foundation  soil  (i.e.,  the  crust)  had  the  dominant  influence 

on  embankment  behavior.   Therefore,  s   and  E   were  taken  to 

u       u 

be  the  average  values  in  this  zone.   E   was  related  to  the 

u 

drained  elastic  moduli  using  Eqs.  5.4,  5.5,  and  5.6.   D/B 

was  less  than  0.2  for  most  cases  so  (D/B)   =  0.2  (Eq.  5.8a). 

e 

For  the  few  cases  with  D/B  greater  than  0.2,  it  is  felt  that 
(D/B)  is  still  0.2  because  the  increasing  strength  and  mod- 
ulus with  depth  reduced  the  effective  D.   The  procedure 

developed  by  Rowe  and  Soderman  (1985a)  was  used  with  (D/B) 

e 

=  0.2  for  al 1  cases  to  obtain  e  .   The  al lowable  force  was 

a 

calculated  for  a  reinforcement  modulus  of  60  k/ft  (5000 
lb/in.;  880  kN/m)  and  is  compared  to  the  force  at  failure 
obtained  with  PS-NFAP  in  Table  5.14.   Except  for  the  com- 
pressible foundation,  the  force  in  the  reinforcement  by  Rowe 
and  Soderman  was  within  -537.  to  +607.  of  the  value  at  failure 
calculated  with  PS-NFAP  with  an  average  difference  of  -67.. 
Some  of  the  scatter  may  be  due  to  numerical  factors  of  the 
PS-NFAP  solution  which  influence  the  height  at  failure  as 
discussed  in  Section  5.2.7.   Rowe  and  Soderman 's  procedure 
overestimated  the  force  for  the  compressible  foundation 
cases  but  the  moduli  were  smaller  that  the  range  included  in 

their  study.   Also  shown  in  Table  5.14  are    e   determined 

'  a 

using  Rowe  and  Soderman 's  definition  from  unreinforced 
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embankments  analyzed  with  PS-NFAP.   These  values  are    much 
higher  than  those  reported  by  Rowe  and  Soderman  and  would 
have  overestimated  the  force  in  the  reinforcement  at 
fai 1 ure. 

5.5.3  Comparison  with  Boutrup  and  Holtz  (1982) 

Boutrup  and  Holtz  (1982.  1983)  used  the  FEM  to  analyze 

a  4.5-ft  high  test  embankment  described  by  Bell,  et  al . 

(1977).   It  had  lh:lv  side  slopes  and  a  22-ft  base  width  on 

a  9-ft  deep  foundation.   The  foundation  soils  were  modeled 

as  a  von  Mises  e 1 asto-pl ast i c  material  (Chen  and  Saleeb, 

1982).   Two  cases  of  undrained  loading  were  considered:  a 

stiff  foundation  with  E   =  30  ksf  and  s   =0.15  ksf,  and  a 

u  u 

soft  foundation  with  E   =3  ksf  and  s   =  0.15  ksf.   The 

u  u 

foundation  soil  was  undrained  so  v  =  0.48  was  used.   The 

properties  of  the  stiff  foundation  are  similar  to  the  weak 

crust,  normal  compressibility  case  (s   in  crust  =  0.125  ksf 

u 

and  average  equivalent  E   in  crust  =  20  ksf)  of  the  present 

study  and  the  soft  foundation  are  similar  to  the  weak  crust, 

compressible  foundation  case  (s   =  0.125  ksf  and  average 

u 

equivalent  E   in  crust  =  5  ksf).   Reinforcement  moduli  of  6, 
u 

10,  and  20  k/ft  were  analyzed. 

They  found  that  there  was  no  plastic  yield  in  the  foun- 
dation at  an  embankment  height  of  4.5  ft  for  either  set  of 
foundation  properties.   Therefore,  foundation  response  was 
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elastic  in  contrast  to  the  present  study  where  significant 
yielding  occurred. 

One  effect  of  reinforcement  was  to  alter  the  maximum 
shear  stress  in  the  foundation.   For  the  stiff  foundation 
and  reinforcement  modulus  =  20  k/ft  (1700  lb/ in.;  290  kN/m) 
it  was  reduced  by  a  maximum  of  12%  near  the  toe  with  smaller 
reductions  elsewhere.   This  pattern  is  consistent  with  the 
results  of  the  present  study  (Fig.  5.12).   For  the  soft 
foundation  the  maximum  shear  stress  was  reduced  in  most  of 
the  foundation  with  the  maximum  reduction  beneath  the  cen- 
ter line.   However,  immediately  beneath  the  toe  the  maximum 
shear  stress  was  increased.   Greater  changes  occurred  with 
the  higher  modulus  reinforcement. 

Reinforcement  reduced  settlement  beneath  the  embankment 
and  heave  beyond  the  toe  as  was  found  for  the  present  study 
(Fig.  5.9).   Horizontal  displacements  were  also  reduced. 
Again,  the  higher  modulus  reinforcement  provided  greater 
benefit. 

5.5.4  Comparison  with  McCarron  (1985) 

McCarron  (1985)  performed  FE  analyses  with  the  cap 
model  using  the  computer  program  NFAP  with  the  Input  parame- 
ters and  embankment  geometries  discussed  in  Section  5.3.1. 
The  validity  of  the  results  is  limited  primarily  because 
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improved  methods  to  determine  the  cap  input  parameters 
(Chapter  4)  were  not  available.   Nonetheless,  it  is  of 
interest  to  compare  his  results  to  the  present  study.   He 
found  that  the  relative  increase  in  surcharge  made  possible 
by  reinforcement  was  3-57.  for  foundation  type  I  (Section 
5.3.1),  77.  for  foundation  type  II,  and  9-117.  for  foundation 
type  III.   This  indicates  that  reinforcement  was  more  bene- 
ficial for  the  weaker,  more  compressible  foundation.   Com- 
parison with  Table  5.11  shows  that  the  relative  increases 
are  less  than  obtained  in  the  present  study.   The  maximum 
force  in  the  reinforcement  at  failure  were  0.76,  0.54,  and 
0.56  k/ft  for  foundation  types  I,  II,  and  III,  respectively. 
These  are  lower  than  the  values  in  Table  5.11.   McCarron 
found  that  the  maximum  force  occurred  near  the  embankment 
shoulder  and  that  the  reinforcement  near  the  toe  was 
unstressed  as  was  found  for  the  present  study.   Both  studies 
showed  that  reinforcement  reduced  the  extent  of  the  plastic 
zone  in  the  foundation.   In  summary,  the  present  study  indi- 
cates that  reinforcement  is  more  beneficial  than  found  by 
McCarron.   This  is  attributed  to  the  reasons  given  in 
Sect  ion  5.3.1. 

5.6  SUMMARY 

A  comparative  finite  element  study  of  reinforced  and 
unreinforced  embankment  behavior  was  made  using  an  incremen- 
tal procedure  which  simulated  embankment  construction. 
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Foundation  behavior  was  represented  with  a  strain  hardening 
cap  model.   A  procedure  was  developed  to  match  the  Mohr- 
Cou 1 omb  and  Drucker-Prager  failure  criteria. 

The  results  showed  that  the  properties  of  the  crust  had 
the  primary  influence  on  embankment  behavior  and  the  poten- 
tial benefit  possible  with  reinforcement.   A  pocket  of  weak, 
normally  consolidated  soil  in  an  otherwise  strong  crust  had 
on  1 y  a  limited  influence  on  embankment  behavior  and  the  ben- 
efit from  using  reinforcement  was  modest.   The  effect  of 
foundation  depth  and  embankment  width  was  small.   Reinforce- 
ment was  slightly  more  beneficial  for  steeper  side  slopes 
and  was  very  effective  for  compressible  foundation  soils. 

Reinforcement  increases  the  height  at  failure  and 
reduces  displacements  in  the  foundation.   The  largest  reduc- 
tion occurs  in  the  upper  10  ft  of  the  foundation  near  the 
toe.   It  is  logical  that  the  properties  of  the  soil  in  this 
zone  (i.e.  the  crust)  have  the  primary  influence  on  embank- 
ment behavior.   Reinforcement  significantly  reduces  shear 
stresses  in  the  foundation  at  the  toe.   The  forces  developed 
in  the  reinforcement  were  much  less  than  its  tensile 
strength.   This  Indicates  that  the  strength  of  the  embank- 
ment fill  and  foundation  soils  are  fully  mobilized  and  fail- 
ure occurs  before  there  are  sufficient  deformations  to 
develop  the  reinforcement's  ultimate  tensile  strength. 
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Shear  stresses  at  the  so i 1 -re i nforcement  interface  were  less 
than  the  Interface  strength  so  slip  along  this  plane  did  not 
occur.   The  reinforcement  beneath  the  embankment  toe  was 
unstressed . 

The  results  of  the  present  study  are  in  general  agree- 
ment with  results  reported  by  others.   An  design  procedure 
developed  by  Rowe  and  Soderman  (1985a)  gave  reasonable  esti- 
mates of  the  reinforcing  force  at  failure  provided  the  input 
parameters  were  chosen  properly. 
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CHAPTER  6 
EMBANKMENT  WIDENING 


6.1  INTRODUCTION 

Reinforcement  has  been  used  successfully  in  three  field 
appl  i cat  ions  for  widening  and  raising  the  grade  of  existing 
embankments  constructed  on  soft  ground  (Lukanen  and  Teig, 
1976;  Volman,  et  al . ,  1977;  Burwash,  1980)  as  discussed  in 
Section  2.4.5.   It  is  believed  that  the  reinforcement  had  a 
significant  stabilizing  effect  but  there  was  insufficient 
data  to  confirm  this.   Furthermore,  no  analytic  studies  have 
been  made  of  the  problem. 

In  a  typical  application,  the  foundation  soils  are 
fully  consolidated  under  the  weight  of  the  existing  embank- 
ment so  the  foundation's  undrained  shear  strength  is 
increased  over  and  above  that  of  the  natural  soil.   The 
reinforcement  is  usually  placed  over  the  crest  and  slope  of 
the  existing  embankment  and  on  the  natural  ground  surface 
beneath  the  widened  section  as  shown  on  Fig.  6.1.   Addi- 
tional fill  for  the  widened  and  raised  section  is  then 
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placed  rapidly.   Consequently,  little  dissipation  of  excess 
pore  pressure  occurs  in  the  foundation  during  construction. 

In  this  chapter  FEM  procedures  developed  to  analyze 
embankment  widening  are  described.   Then  results  of  a  com- 
parative study  of  reinforced  and  unreinforced  embankment 
behavior  are  given  including  the  effect  of  reinforcement  on 
displacements,  embankment  height  at  failure,  and  state  of 
stress  in  the  foundation  and  embankment  fill.   Next  the 
forces  developed  in  the  reinforcement  are  examined.   Then 
the  influence  of  existing  embankment  height,  strength  of  the 
surface  crust,  and  width  of  the  widened  section  on  behavior 
is  presented.   Finally,  the  results  of  the  analysis  are 
summar  ized . 

6.2  ANALYSIS  PROCEDURE 

The  effect  of  reinforcement  on  widened  embankment 
behavior  was  studied  using  PS-NFAP  with  the  cap  soil  behav- 
ior model.   The  analysis  procedures  were  the  same  as 
described  in  Chapter  5  except  for  the  modifications  dis- 
cussed in  this  section. 

The  initial  state  of  stress  and  shear  strength  in  the 
foundation  was  obtained  by  simulating  construction  of  the 
existing  embankment  under  drained  conditions  with  a  pore 
pressure  response  factor  in  the  foundation  of  8  =  0.0.   This 
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accounted  for  the  consolidation  and  increase  in  strength  of 

the  foundation  soils  under  the  existing  embankment.   The 

1  /2 
resulting  J  '  /a'  ,  where  a'   is  the  vertical  stress 
a   2f    vo  vo 

due  to  the  overburden  and  existing  embankment  computed  by 
PS-NFAP,  was  within  2  to  57.  of  the  value  used  to  calibrate 
the  cap  model  which  was  0.339  for  the  strong  crust  case. 
The  volumetric  strains  at  this  stage  were  stored  and  the 
foundation  soils  were  switched  to  undrained  conditions  by 
using  6  =  10.0.   Then,  the  widened  and  raised  section  was 
constructed.   Further  tendency  for  volumetric  strain  caused 
generation  of  excess  pore  pressure. 

At  the  end  of  drained  loading  the  state  of  stress 
beneath  the  existing  embankment  is  on  the  cap  and  beyond  the 
toe  it  is  elastic,  as  shown  for  a  typical  case  in  Fig.  6.2a. 
The  stress  state  in  the  embankment  is  elastic  except  for  a 
small  zone  in  the  failure  state  at  its  shoulder.   Placing 
the  first  layer  of  the  widened  section  increases  the  hori- 
zontal stress  beneath  the  existing  embankment  with  little 
change  in  the  vertical  stress  thereby  reducing  the  shear 
stress  and  causing  the  state  of  stress  to  move  from  the  cap 
into  the  elastic  region,  as  shown  in  Fig.  6.2b.   The  stress 
state  beneath  the  widened  section  remains  on  the  cap  except 
for  small  areas  that  reach  the  failure  or  corner  states. 
The  area  beyond  the  toe  of  the  widened  section  remains  in 
the  elastic  state. 
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PS-NFAP  normally  bases  the  stiffness  matrix  on  the 
stress  state  at  the  end  of  the  previous  load  step.   For 
placement  of  the  first  layer  of  the  widened  section,  this 
would  result  in  the  elastic-plastic  stiffness  being  used  for 
soil  beneath  the  existing  embankment  even  though  the  defor- 
mations are  elastic.   This  prevents  the  solution  from  con- 
verging.  To  avoid  this  problem  the  elastic  stiffness  matrix 
was  used  to  calculate  deformations  caused  by  placing  the 
first  layer  of  the  widened  section.   The  strains  for  soil 
beneath  the  widened  section  that  are  not  in  the  elastic 
state  are  slightly  underestimated  but  the  effect  is  small. 
Subsequent  load  steps  were  based  on  the  elastic-plastic 
stiffness  matrix. 

Special  procedures  were  developed  to  model  the  rein- 
forcement.  The  reinforcement  is  placed  on  top  of  the  exist- 
ing embankment  and  it  is  assumed  that  no  forces  develop 
until  fill  is  placed  on  top  of  it.   To  model  this  the  rein- 
forcement was  present  in  the  FE  mesh  at  the  beginning  of  the 
analysis  but  its  stiffness  was  zero.   The  reinforcement  was 
activated  when  the  first  layer  of  fill  was  placed  on  it  and 
the  strain  at  each  integration  point  was  stored.   Additional 
strain  due  to  subsequent  load  steps  was  used  to  evaluate  the 
stiffness  which  was  then  added  to  the  global  stiffness 
matrix.   Horizontal  portions  of  the  reinforcing  layer  on  the 
original  ground  surface  beneath  the  widened  section  and  over 
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the  crest  of  the  existing  embankment  were  activated  just 
prior  to  placing  the  first  layer  of  fill  on  it.   The  portion 
of  the  layer  on  the  slope  of  the  existing  embankment  was 
activated  after  the  first  layer  was  placed  over  it.   The 
option  of  activating  reinforcing  layers  at  specific  times 
could  be  used  to  analyze  construction  of  embankments  with 
multiple  reinforcing  layers,  but  this  is  beyond  the  scope  of 
the  present  study. 

6.3  CASES  ANALYZED 

The  cases  analyzed  had  the  basic  geometry  shown  in  Fig. 

6.1.   The  existing  embankment  was  120  ft  wide  at  its  base 

(W.)  with  2h:lv  side  slopes.   The  foundation  was  30  ft 

thick.   Existing  embankment  heights  (H.)  of  3.75  and  7.5  ft 

d 

were  examined.   The  widened  section  also  had  2h:lv  side 
slopes  and  fill  widths  [(w   -  W  )/2]  of  15,  30,  and  45  ft 
were  added  to  each  side  of  the  embankment.   Horizontal, 
1.875-ft  thick  layers  of  fill  were  added  until  the  FE  solu- 
tion failed  to  converge.   The  embankment  FE  mesh  for  the  30- 
ft  widened  section  is  shown  in  Fig.  6.3.   The  reinforcement 
was  located  as  shown  in  Fig.  6.1  and  had  a  modulus  of  60 
k/ft ,  the  same  as  was  used  in  Chapter  5. 

The  embankment  fill  was  granular  and  had  the  same  cap 
parameters  as  given  Table  5.2  except  that  <  =  0.05  ksf  was 
used  to  avoid  numerical  difficulties  experienced  when 
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Figure  6.3   Finite  element  mesh  for  embankment  widening, 
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•c  =  0.00  1  ksf.   This  had  an  insignificant  effect  on  embank- 
ment behavior.   The  normally  consolidated  foundation  soils 
had  the  same  cap  parameters  as  given  in  Table  5.4.   Stronq 
and  weak  crusts  were  analyzed  with  the  parameters  given  in 
Table  5.5. 

6.4  BEHAVIOR  OF  REINFORCED  EMBANKMENTS 


6.4.1  Comparison  of  Reinforced  and  Unreinforced  Embankment 
Behav  i  or 


The  horizontal  displacement  at  the  toe  and  maximum  set- 
tlement at  the  base  of  reinforced  and  unreinforced  embank- 
ments are  compared  in  Fig.  6.4  for  a  30-ft  widened  section, 
existing  embankment  heights  of  3.75  and  7.5  ft,  and  a  foun- 
dation with  a  weak  crust.   The  reinforcement  is  seen  to 
increase  the  height  at  failure  and  reduce  deformations.   The 
relative  increase  in  surcharge  made  possible  by  reinforce- 
ment (defined  in  Section  5.2.7)  was  127.  for  the  3.75-ft  high 
existing  embankment  and  407.  for  the  7.5-ft  high  existing 
embankment.   The  height  at  failure  and  relative  increase  in 
surcharge  for  all  cases  is  summarized  in  Table  6.1.   Failure 
heights  for  all  cases  ranged  from  10.2  to  17.2  ft  for  rein- 
forced embankments  and  7.6  to  12.6  ft  for  unreinforced 
embankments.   The  relative  increase  in  surcharge  made  possi- 
ble by  reinforcement  ranged  from  107.  to  407.. 
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Horizontal  displacement  at  toe  and  maximum 
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Displacement  vectors  at  ■Failure  due  to  placing  the 
widened  section  for  the  7.5-ft  high  existing  embankment  case 
with  reinforcement  are  shown  in  Fig.  6.5.   The  largest  move- 
ments occur  In  the  upper  15  ft  of  the  foundation  beneath  the 
widened  section.   Movements  beneath  the  existing  embankment 
are  sma 1 1 . 

Reinforcement  alters  the  state  of  stress  In  the  founda- 
tion.  For  the  case  of  a  3. 75- ft  high  existing  embankment 
with  a  30- ft  widened  section  on  a  foundation  with  a  weak 
crust  the  unreinforced  embankment  failed  at  a  height  of  8.8 
ft.   The  state  of  stress  at  this  height  for  reinforced  and 
unreinforced  embankments  are  compared  in  Fig.  6.6.   Rein- 
forcement reduces  the  extent  of  the  failure,  corner,  and  cap 
states  beyond  the  toe.   The  state  of  stress  in  the  founda- 
tion for  the  reinforced  embankment  at  failure  is  shown  in 
Fig.  6.7.   Comparison  of  Figs.  6.2b,  6.6a,  and  6.7  shows 
that  the  extent  of  the  corner  state  increases  as  the  applied 
load  Increases.   Similar  behavior  was  observed  for  the  7.5- 
ft  high  existing  embankment  as  shown  in  Figs.  6.8  and  6.9. 
The  isolated  elements  in  the  cap  and  failure  states  within 
the  zone  in  the  corner  state  are  due  to  load  redistribution 
and  numerical  Inaccuracies  as  discussed  In  Chapter  5. 

In  the  embankment  reinforcement  reduced  the  extent  of 
soil  In  the  tension  state  in  the  upper  portion  of  the  fil 1 
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as  seen  by  comparing  Figs.  6.10a  and  6.10b  for  the  3.75-ft 
high  existing  embankment  and  Figs.  6.11a  and  6.11b  for  the 
7.5-ft  high  existing  embankment.   This  increases  the  avail- 
able shear  resistance  in  the  fill  thereby  increasing  stabil- 
ity.  At  failure  most  of  the  outer  portion  of  the  reinforced 
and  unreinforced  embankments  are  at  the  failure  state  as 
shown  in  Figs.  6.10b  and  6.10c  and  Figs.  6.11b  and  6.11c 
indicating  the  the  shear  strength  is  fully  mobilized  in  the 
region.   The  central  portion  of  the  embankment  is  in  the 
elastic  state  in  contrast  to  the  results  of  Chapter  5  which 
showed  that  the  central  portion  of  the  embankment  was  in  the 
fa  i  1 ure  state . 

6.4.2  Forces  in  Reinforcement 

The  maximum  force  in  the  reinforcement  versus  applied 
surcharge  are  shown  in  Fig.  6.12  for  a  30-ft  widened  sec- 
tion, 3.75  and  7.5-ft  high  existing  embankments,  and  a  foun- 
dation with  a  weak  crust.   The  force  increases  with  the 
applied  load  and  the  increase  is  quite  rapid  as  failure  is 
approached.   The  force  at  failure  was  2.3  k/ft  for  the  3.75- 
ft  high  existing  embankment  and  3.9  k/ft  for  the  7.5-ft  high 
existing  embankment.   The  latter  value  is  approaching  the 
tensile  capacity  of  a  typical  strong  reinforcement.   The 
maximum  force  at  failure  for  all  cases  ranged  from  1.8  to 
3.9  k/ft  and  is  summarized  in  Table  6.1. 
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(a.)  REINFORCED 


H  -8.8 


(b.)  UNREINFORCED 


Ni.iui.n.ii^:;!|ii|_[ji7rr^" 


(c.)  REINFORCED 


H  -10.2' 
(FAILURE  ) 


I       I   ELASTIC  E3  FAILURE  HUH    TENSION 


F  igure  6.10 


State  in  embankment  for  reinforced  and  unre in- 
forced  embankments,  3.75-ft  high  existing  em- 
bankment, 30-ft  widened  section,  weak  crust. 


(a.)  REINFORCED 
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(b.)   UNREINFORCED 


H  -10.2' 

(FAILURE  ) 
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(c.)  REINFORCED 


•-•BE 


|       |   ELASTIC 


FAILURE 


TENSION 


Figure  6.11   State  in  embankment  for  reinforced  and  unre in- 
forced  embankments,  7.5-ft  high  existing  em- 
bankment, 30-ft  widened  section,  weak  crust. 
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Figure  6.12 


Maximum  reinforcement  force  vs.  surcharge, 
30-ft  widened  section,  weak  crust;  (a)  3.75-ft 
high  existing  embankment  and  (b)  7.5-ft  high 
existing  embankment. 
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The  distribution  of  the  reinforcing  forces  for  the  two 
existing  embankment  heights  at  several  surcharges  is  shown 
in  Figs.  6.13  and  6.14.   The  location  of  the  maximum  force 
moves  from  the  mid-point  of  the  widened  section  to  near  the 
toe  of  the  existing  embankment  as  the  surcharge  increases. 
The  force  near  the  center  of  the  embankment  and  near  the  toe 
are  small.   The  former  suggests  that  it  may  not  be  necessary 
to  place  the  reinforcement  across  the  ful 1  width  of  the 
existing  embankment  crest.   Significant  reinforcing  forces 
develop  near  the  shoulder  and  on  the  slope  of  the  existing 
embankment.   The  fluctuations  in  the  force  40  to  60  ft  from 
the  center  line  correspond  to  the  reinforcement  on  the 
embankment  slope.   They  may  be  due  to  small  inaccuracies 
introduced  into  the  analysis  by  using  long,  thin  elements  to 
represent  the  embankment  fill.   The  sharp  change  in  rein- 
forcing force  33  ft  from  the  center  1  i ne  (Fig.  6.13)  cor- 
responds to  the  transition  from  the  central  portion  of  the 
existing  embankment  where  deformations  are  small  to  the 
outer  portion  where  deformations  are  larger  (Fig.  6.5). 

The  maximum  gradient  of  the  reinforcing  force  occurs 
near  the  toe  of  the  existing  embankment.   It  was  0.22 
k/ft/ft  for  the  3.75-ft  high  embankment  and  0.25  k/ft/ft  for 
the  7.5-ft  high  embankment.   This  must  be  transferred  by 
shear  stress  to  the  soil  above  and  below  the  reinforcement. 
Assuming  that  the  interface  strength  is  the  same  as  the  soil 
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strength  (see  Section  5.4.2),  the  available  resistances  for 
the  two  cases  are  0.8  ksf  and  1.0  ksf,  respectively.   These 
are  much  greater  than  the  required  resistance  so  slip 
between  the  reinforcement  and  surrounding  soil  did  not 
occur . 

6.4.3  Effect  of  Existing  Embankment  Height 

The  effect  of  existing  embankment  height  was  examined. 
Horizontal  displacement  at  the  toe  vs.  surcharge  for  rein- 
forced embankments  with  3.75  and  7.5-ft  high  existing 
embankments  as  well  as  a  normal  section  constructed  with 
horizontal  lifts  under  undrained  conditions  (i.e.,  existing 
embankment  height  of  zero)  are  compared  in  Fig.  6.15  for  the 
weak  crust  case  and  in  Fig.  6.16  for  the  strong  crust  case. 
For  a  given  surcharge  the  displacement  decreases  as  the 
existing  embankment  height  increases.   The  relative  increase 
in  surcharge  made  possible  by  reinforcement  did  not  show  a 
consistent  trend  as  shown  in  Table  6.2. 


Table  6.2 

Effect  of  existing  embankment  height  on  relative 
increase  in  surcharge  made  possible  by  reinforcement 

Existing  embankment  -  Crust  strength  - 

height  Weak         Strong 

Normal  section  22%           77. 

Widened  section,  H   =  3.75'  127.          131 

Widened  section,  H°  =  7.5'  407.          10% 
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F  igure  6.15 


Effect  of  existing  embankment  height  on  dis- 
placement at  toe  and  maximum  force  In  rein- 
forcement, 30-ft  widened  section,  weak  crust, 
rei  nforced. 
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0    NORMAL    SECTION 
D    WIDENED    SECTION,    Hd=    3.75' 
WIDENED   SECTION.   Hd=   7.5' 


HORIZONTAL 


0.5  1.0 

DISPLACEMENT  AT  TOE   (FT) 
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MAX.    FORCE    IN    REINFORCEMENT    (K/FT) 


F  i  gure  6.16 


Effect  of  existing  embankment  height  on  dis- 
placement at  toe  and  maximum  force  in  rein- 
forcement, 30-ft  widened  section,  strong  crust, 
re  i  nforced. 
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The  maximum  force  in  the  reinforcement  versus  surcharge  is 
also  shown  in  Figs.  6.15  and  6.16.   The  curves  are  nearly 
independent  of  the  height  of  the  existing  embankment. 

6.4.4  Effect  of  Width  of  Widened  Section 

The  effect  of  width  of  the  widened  section  on  horizon- 
tal displacements  at  the  toe  is  shown  in  Fig.  6.17  for  a 
7. 5- ft  high  existing  embankment  and  a  foundation  with  a  weak 
crust.   A  normal  section  is  also  shown  for  comparison.   Dis- 
placements increase  as  the  width  of  the  widened  section 
increases  and  approach  that  of  the  normal  section  for  the 
+45-ft  width.   The  relative  increase  in  surcharge  made  pos- 
sible by  reinforcement  is  summarized  in  Table  6.3.   It  is 
seen  that  the  increase  is  quite  high  for  the  +30'  section. 
The  increase  is  about  the  same  for  the  normal  and  +45'  sec- 
tions  suggesting  that  the  influence  of  the  existing  embank- 
ment is  small  for  wide  widened  sections. 


Table  6.3 
Effect  of  width  of  widened  section  on  relative 
increase  in  surcharge  made  possible  by  reinforcement, 
7.5-ft  high  existing  embankment,  weak  crust. 

Width  of        Relative  increase 
widened  section      in  surcharge 


Normal  section  227. 

+15'  17% 

+30'  40% 

+45'  25% 
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Figure  6. 17 


Effect  of  width  of  widened  section  on  displace- 
ment at  toe  and  maximum  force  in  reinforcement, 
7.5-ft  high  existing  embankment,  weak  crust, 
reinforced. 
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The  maximum  force  in  the  reinforcement  versus  the  sur- 
charge is  also  shown  in  Fig.  6.17.   The  curves  for  the  nor- 
mal, +30-ft,  and  +45-ft  sections  are  very  similar  but  it  is 
quite  different  for  the  +15-ft  section.   The  reason  for  this 
is  seen  by  examining  the  distribution  of  reinforcing  force 
at  failure  (surcharge  =  1.99  ksf)  as  shown  in  Fig.  6.18. 
The  maximum  reinforcing  force  occurs  near  the  shoulder 
rather  than  the  toe  of  the  existing  embankment  as  occurred 
for  the  +30-ft  and  +45-ft  cases.   This  suggests  that  the 
critical  slip  surface  passes  near  the  shoulder  of  the  exist- 
ing embankment  and  the  reinforcement  on  the  original  ground 
surface  beneath  the  widened  section  does  not  directly  con- 
tribute to  stability.   Considering  a  circular  failure  sur- 
face, the  moment  arm  of  a  reinforcing  force  near  the  shoul- 
der would  be  less  than  a  force  near  the  toe  and  may  account 
for  the  relative  increase  in  surcharge  made  possible  by 
reinforcement  being  less  for  the  +15'  than  the  +30'  or  +45' 
cases . 

6.4.5  Effect  of  Crust  Strength 

The  effect  of  crust  strength  on  horizontal  displacement 
at  the  toe  and  maximum  settlement  at  the  base  for  reinforced 
embankments  with  30-ft  widened  sections  and  7.5-ft  high 
existing  embankments  is  shown  in  Fig.  6.19.   The  displace- 
ments are  greater  for  the  weak  than  for  the  strong  crust. 
Similar  results  were  obtained  for  the  3.75-ft  high  existing 
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Figure  6.19   Effect  of  crust  strength  on  displacement  at  toe 
and  maximum  force  in  reinforcement,  7.5-ft  high 
existing  embankment,  30-ft  widened  section, 
weak  crust,  reinforced. 
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embankment.   The  relative  increase  in  surcharge  made  possi- 
ble by  reinforcement  Is  summarized  in  Table  6.4.   It  shows 
that  reinforcement  is  more  effective  for  the  weak  crust  for 
the  7.5-ft  high  case  but  are  about  the  same  for  the  3.75-ft 
high  case. 


Table  6.4 
Effect  of  crust  strength  on  relative  increase 
in  surcharge  made  possible  by  reinforcement, 
30  ft  widened  section. 

Existing  embankment      --  Crust  strength  -- 
height  Weak  Strong 

7.5'  407.  107. 

3.75'  127.  13% 


The  maximum  force  in  the  reinforcement  versus  surcharge  is 
also  shown  in  Fig.  6. 19.   For  a  given  surcharge  the  force  is 
higher  for  the  weak  than  the  strong  crust. 

6.5  SUMMARY 

The  behavior  of  existing  embankments  on  soft  founda- 
tions that  are  widened  and  have  their  grade  raised  was  stud- 
ied using  PS-NFAP  with  the  cap  soil  behavior  model.   Rein- 
forcement had  a  significant  beneficial  effect  especially  for 
some  combinations  of  existing  embankment  height,  width  of 
the  widened  section,  and  crust  strength.   In  one  case  the 
relative  increase  in  surcharge  made  possible  by  reinforce- 
ment was  as  high  as  407..   The  behavior  of  embankments  with  a 


364 

45-ft  widened  section  approached  that  of  a  normal  section 
constructed  with  horizontal  lifts  under  undrained  condi- 
tions.  The  benefit  was  less  for  a  narrow,  15-ft  widened 
section  than  for  30  and  45-ft  widened  sections.   It  was  sug- 
gested that  the  critical  failure  surface  for  the  narrow  sec- 
tion passed  near  the  shoulder  of  the  existing  embankment  so 
the  moment  arm  of  the  reinforcing  force  was  small.   The 
effect  of  the  reinforcement  is  to  reduce  the  extent  of  the 
plastic  (corner)  zone  in  the  foundation  and  to  reduce  the 
tensile  zone  in  the  embankment  fill.   Forces  in  the  rein- 
forcement were  small  near  the  embankment  center  line  so  there 
may  be  little  benefit  to  reinforcing  the  central  portion  of 
the  existing  embankment  crest. 
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CHAPTER  7 
LIMITING  EQUILIBRIUM  METHODS 


7.  1  INTRODUCTION 

Limiting  equilibrium  methods  which  are  modified  to 
account  for  the  stabilizing  effect  of  reinforcement  are  the 
most  common  techniques  currently  used  to  design  reinforced 
embankments.   The  methods  general ly  assume  that  the  rein- 
forcement provides  only  a  resisting  force  or  moment  but  does 
not  alter  the  normal  stress  on  the  assumed  failure  surface 
and  hence  the  shear  resistance  provided  by  fr ictional  mate- 
rials is  unchanged.   All  methods  require  an  estimate  of  the 
allowable  force  in  the  reinforcement. 

This  chapter  is  organized  as  follows.   In  the  next  sec- 
tion simplified  Bishop's  (1955)  method  of  slices  is  modified 
to  Include  the  stabilizing  moment  provided  by  the  reinforc- 
ing force.   This  is  followed  by  a  discussion  of  the  factors 
which  limit  the  allowable  force  in  the  reinforcement.   Then, 
simplified  Bishop's  method  is  applied  to  the  cases  analyzed 
with  the  finite  element  (FE)  method  in  Chapter  5  and  assump- 
tions regarding  the  direction  of  the  reinforcing  force  and 
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stresses  on  the  failure  surface  are  examined.   In  addition, 
equations  for  slip  circle  and  sliding  block  failure  modes 
proposed  by  Milligan  and  La  Rochelle  (1984)  and  classical 
bearing  capacity  are  discussed.   Finally,  the  role  of  FE  and 
limiting  equilibrium  analysis  methods  in  reinforced  embank- 
ment design  are  considered. 

7.2  SIMPLIFIED  BISHOP'S  METHOD  WITH  REINFORCING  FORCE 

The  stabilizing  effect  of  tensile  reinforcement  was 
incorporated  into  the  simplified  Bishop  (1955)  method  of 
slope  stability  analysis.   It  was  assumed  that  the  rein- 
forcement provides  only  a  resisting  moment  and  does  not 
alter  the  normal  stress  on  the  slip  surface.   The  method 
uses  a  circular  slip  surface  that  is   divided  into  a  number 
of  slices.   A  slip  surface  and  the  forces  acting  on  a  typi- 
cal slice  are  shown  in  Fig.  7.1.   The  allowable  reinforcing 
force  FD  acting  at  the  intersection  of  the  slip  surface  and 
the  reinforcement  is  also  shown.   FD  has  units  of  force/unit 
width.   It  provides  a  resisting  moment  equal  to  F   times  its 
moment  arm  y  about  the  center  of  the  circle.   If  there  are 
multiple  reinforcing  layers,  the  total  resisting  moment  is 
the  sum  of  the  resisting  moments  provided  by  each  layer. 
This  additional  resisting  moment  is  included  as  the  right 
most  term  in  the  denominator  of  Eq .  7.1.   The  term  is 
divided  by  the  safety  factor  as  is  the  resistance  provided 
by  the  soi 1 . 


367 


PORE  WATER  PRESSURE,  Uj,  - 
ON  BASE  OF  SLICE 


Cj.ft  -COHESION 
AND  FRICTION  ANGLE 
ON  BASE  OF  SLICE, 
RESPECTIVELY 


Figure  7.1   Simplified  Bishop's  method  of  slices  including 
horizontal  reinforcing  force  showing  forces 
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n   c.Ax.  +  [W.+Q1v-u.Ax. ]tan*. 

.£  .    cosG  .  +  (sine  .  tan4> .  ) /SF 

SF=  — '- ■ ^ (7.1) 

n  n  m 

I  (W  +Q   )sfn6   -  r  7.    Q,.d,]/r  -  (  I  F   y  )/(rSF) 


where      W.   =  weight  of  the  i    slice 

Q.   =  vertical  surface  load  applied  to  the  i 
1  v 

si  ice 

Q..  =  horizontal  surface  load  applied  to  the  i 
i  h 

si  ice 

d.   =  moment  arm  of  Q . . 
i  ih 

u.   =  pore  water  pressure  acting  on  base  of  i 

si  ice 

Ax.  =  width  of  i    slice 
i 

6.   =  inclination  of  base  of  i   'slice 
i 

c.   =  cohesion  on  base  of  i    slice 
i 

4> .   =  friction  angle  on  base  of  i    slice 
r    =  radius  of  assumed  trial  circle 


n    =  number  of  si  ices 
Rj 


+*  I—, 

F_  .  =  force  in  j    reinforcing  layer 


y.   =  moment  arm  for  j    reinforcing  layer 
m    =  number  of  reinforcing  layers 
SF   =  safety  factor 

The  safety  factor  which  satisfies  Eq.  7.1  is  found  by  trial 
and  error.   A  simplified  version  of  this  equation  (Eq. 
2.4)was  presented  by  Ingold  (1982). 
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Eq.  7.1  was  implemented  in  a  slope  stability  analysis 
program  (5TABL5)  developed  at  Purdue  University  (Siegel, 
1975;  Lovel 1 ,  et  al.,  1984;  Carpenter,  1985).   The  modified 
program  (Humphrey  and  Holtz,  1986b)  is  capable  of  analyzing 
multiple  layers  of  reinforcement  with  the  distribution  of 
available  force  in  each  layer  specified.   The  program 
locates  the  critical  circle  by  a  random  searching  technique. 


In  some  instances  it  is  more  convenient  to  calculate 
the  force  required  to  achieve  a  desired  safety  factor.   For 
the  special  case  of  a  single  reinforcing  layer  Eq.  7.1  may 
be  solved  directly  for  FD  in  terms  of  the  desired  SF 


F0  =  (SFr/y) 


I     (W.+Q.v)sin6.  -  [ 
J  =  l 


iIlQ^d']/r 


n   c  .  Ax  .  +  [W.+Q.  -u.  Ax  .  ]tan<t> . 

1    1 1    IV    1    1  [ 

.*,    cosG.  +  (si n6 . tan* . ) /SF 
i=l         i  ii 


(7.2) 


As  discussed  in  Chapter  2  the  reinforcing  force  is 
taken  to  act  either:  (1)  in  the  direction  that  the  rein- 
forcement was  originally  placed,  so  for  horizontal  rein- 
forcement the  moment  arm  y  is  the  difference  in  elevation 
between  the  reinforcing  layer  and  the  center  of  the  assumed 
slip  circle  (Fig.  2.1a);  or  (2)  tangent  to  the  slip  circle 
fn  which  case  y  is  the  radius  r  of  the  slip  circle  (Fig. 
2.1b).   The  assumption  that  is  most  appropriate  is  discussed 
later  in  this  chapter. 
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7.3  ALLOWABLE  FORCE  IN  REINFORCEMENT 

The  allowable  force  FD  in  the  reinforcement  must  be 
estimated  to  use  limiting  equilibrium  analysis  methods.   FR 
is  limited  by  three  factors.   The  first  is  the  ultimate  ten- 
sile strength  of  the  reinforcement.   In  addition,  since  geo- 
text i 1 es  experience  large  creep  deformations  as  the  applied 
stress  approaches  the  ultimate  strength  there  is  a  restric- 
tion on  the  working  force  (=FR/SF).   There  is  no  criterion 
to  chose  the  allowable  working  force  based  on  research  or 
field  experience  but  Sherestha  and  Bell  (1982)  feel  that  it 
should  be  less  than  607.  of  the  ultimate  strength  for 
polyester  fabrics  and  40-507.  of  the  ultimate  strength  for 
polypropylene  fabrics. 

The  second  factor  is  that  the  reinforcing  force  is 
developed  through  shear  between  the  reinforcement  and  the 
surrounding  soil.   Considering  the  reinforcement  beneath  the 
slope,  the  weight  of  fill  overlying  the  reinforcement  for  a 

distance  L  from  the  toe  and  a  side  slope  of  s(h):l(v)  is 

2 
0.5y    L  /s  as  shown  in  Fig.  7.2.   The  available  shear 
emb 

resistance  between  the  fill  and  reinforcement  is 

2 
(0.5y   ,_L  /s)tan4>  _  where  <J>  ,.  i  s  the  friction  angle  between 
emb  sr         sr 

the  soil  and  reinforcement.   Assuming  a  cohesive  foundation 
with  an  interface  shear  strength  of  c  f,    the  available 
resistance  is  Lc  ^  (Fig.  7.2).   Therefore,  beneath  the  slope 
FD  is  1 i mi  ted  by 
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°-5YembL  /5 


(0-5YembL  's)tan*sf 


Lc 


sf 


Figure  7.2   Shear  between  reinforcement  and  surrounding 
soi  1  . 


372 

FD  =  Lc,  +  (0.5YarTlhL2/s)tan<|>  .  (7.3) 

R      sr         emb  sr 

This  factor  generally  controls  the  allowable  FD  only  near 
the  toe  of  the  embankment. 

The  third  factor  is  the  reinforcing  force  that  can 
develop  due  to  deformations  prior  to  failure  of  the  founda- 
tion soils.   The  FE  analyses  in  Chapter  5  showed  that  this 
occurs  before  the  tensile  strength  of  typical  reinforcement 
is  reached.   Similar  results  were  found  by  Rowe  and  Soderman 
(1985).   Estimating  the  force  at  this  point  is  difficult  and 
can  only  be  done  by  comparison  with  reported  results  from 
case  histories  (Table  2.2)  or  by  FE  analysis  (Chapter  5). 
Rowe  and  Soderman  (1985)  have  summarized  the  results  of  a 
large  number  of  FE  analyses  in  a  format  that  allows  the 
force  to  be  estimated  as  discussed  in  Chapter  5.   For  strong 
reinforcement  this  factor  generally  controls  the  allowable 
force. 

Analyses  with  simplified  Bishop's  method  using  the  dis- 
tribution of  force  in  the  reinforcement  at  failure  deter- 
mined with  FE  analyses  showed  that  the  critical  circle 
roughly  coincides  with  the  location  of  the  maximum  force  in 
the  reinforcement  and  was  well  away  from  the  toe  where  the 
force  is  limited  by  Eq.  7.3.   Furthermore,  the  location  of 
the  critical  circle  and  the  safety  factor  were  nearly  iden- 
tical to  those  obtained  with  a  uniform  distribution  of  force 
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equal  to  the  maximum  value.   Therefore,  it  is  acceptable  to 
use  a  uniform  distribution  of  force  in  the  reinforcement 
equal  to  the  estimated  maximum  value. 

7.4  SOIL  PROPERTIES  AND  EMBANKMENT  GEOMETRIES  ANALYZED 

Limiting  equilibrium  methods  were  applied  to  the  same 

embankment  geometries  and  soil  properties  as  used  for  the  FE 

analyses  in  Chapter  5.   The  embankment  fill  was  granular 

with  a  unit  weight  of  v     =125  pcf  and  friction  angle  of 

emb 

<t>'    =    32  .   The  foundation  had  a  7.5-ft  thick  crust  with  a 

shear  strength  of  250  psf  (strong  crust  case)  or  125  psf 

(weak  crust  case).   In  addition  a  case  with  no  crust  was 

considered.   Underlying  the  crust  was  normally  consolidated 

soil  with  s  /a'       -     0.32.   For  analyses  with  simplified 
u   vo 

Bishop's  method  the  increase  in  strength  with  depth  was 
approximated  by  dividing  the  foundation  soil  into  layers 
with  the  average  undrained  strengths  shown  in  Table  7.1.   In 
the  FE  analyses  foundation  thicknesses  of  15,  30,  and  60  ft 
were  used  but  in  the  limiting  equilibrium  analyses  the  crit- 
ical circles  were  all  less  than  15  ft  deep  so  the  thickness 
was  not  a  factor.   Also,  embankment  width  was  not  a  factor 
in  the  limiting  equilibrium  analyses. 
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Tabl e  7. 1 
Undrained  shear  strength  in  foundation 
for  analyses  with  simplified  Bishop's  method, 

s    (psf)  

Depth     Strongu  Weak    No 
(ft)      Crust   Crust   Crust 

0.00-  3.75 

3.75-  7.50 

7.50-10.00 
10.00-12.50 
12.50-15.00 
15.00-17.50 
17.50-20.00 


250 

125 

26.6 

250 

125 

99.6 

147 

147 

147 

189 

189 

189 

23  1 

231 

231 

274 

274 

274 

316 

316 

316 

The  embankment  side  slope  was  2h:lv  except  for  2  cases 
which  had  a  slope  of  3h:lv.   The  reinforcing  layer  was 
located  at  the  base  of  the  embankment  and  was  assumed  to 
have  a  uniform  distribution  of  force  equal  to  the  maximum 
value  from  the  FE  analyses.   For  each  case  the  height  at 
failure  (SF  =  1.0)  was  determined.   The  cases  analyzed  are 
summarized  in  Table  7.2  and  are  discussed  in  Sections  7.5 
and  7.7.   It  is  recalled  from  Section  5.2.7  that  failure 
heights  calculated  by  the  FE  method  are  approximate. 

7.5  CIRCULAR  FAILURE  MODE 

The  effect  of  the  magnitude  and  direction  of  the  rein- 
forcing force  on  the  failure  height  for  embankments  with 
2h : 1 v  slopes  was  investigated  with  simplified  Bishop's 
method.   The  percent  increase  in  height  due  to  reinforcement 
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versus  force  in  the  reinforcement  for  the  strong  and  weak 
crust  cases  are  shown  in  Fig.  7.3.   It  is  seen  that  the 
reinforcement  is  much  more  beneficial  for  the  weak  crust 
case.   Also,  Bishop's  method  with  FR  tangent  to  the  slip 
circle  gives  an  increase  in  failure  height  that  is  signifi- 
cantly greater  than  with  F   horizontal.   Failure  heights 
calculated  with  the  maximum  force  in  the  reinforcement  from 
the  FE  analyses  are  summarized  in  Table  7.3.   Also  shown  are 
failure  heights  determined  with  Eq.  2.5  (Milligan  and  La 
Rochelle,  1984)  which  assumes  a  horizontal  reinforcing  force 
and  replaces  the  failure  surface  in  the  embankment  by  the 
active  force. 


Table  7.3 
Comparison  of  failure  heights 
for  the  circular  failure  mode. 

Failure  Height  (ft)  

Crust     -Simplified  Bishop-    Milligan  & 
Strength   Horizontal   Tangent    La  Rochelle 

Strong  10.1-10.3  10.5-10.8  9.8-10.0 
Weak  7.0-7.4  7.5-8.5  6.6-7.3 
None      2.2-  4.5   


The  failure  heights  were  lowest  for  Milligan  and  La 
Rochelle's  equation  and  were  slightly  higher  for  simplified 
Bishop's  method  with  a  horizontal  reinforcing  force. 
Simplified  Bishop's  method  with  a  tangent  reinforcing  force 
gives  the  highest  failure  heights. 
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Figure  7.3   Percent  increase  in  height  at  failure  due  to 
reinforcement  vs.  force  in  reinforcement. 


378 

7.6  SLIDING  BLOCK  FAILURE  MODE 

A  sliding  block  failure  mode  may  be  more  critical  espe- 
cially if  there  is  a  weak  layer  in  the  foundation.   This 
occurs  for  the  strong  crust  case  where  the  soil  immediately 
beneath  the  crust  has  a  shear  strength  of  126  psf.   Eq.  2.10 
is  applicable  to  this  case.   It  gave  failure  heights  of  8.4 
to  8.7  ft  for  the  range  of  maximum  reinforcing  forces 
obtained  from  the  FE  analyses.   These  heights  are    lower  than 
obtained  with  circular  failure  surfaces  so  the  sliding  block 
failure  mode  is  more  critical  for  this  case. 

7.7  COMPARISON  OF  LIMITING  EQUILIBRIUM  WITH  FEM  RESULTS 

The  results  of  stability  analyses  with  circular  failure 
surfaces  are    compared  to  FE  analyses  with  PS-NFAP  which  were 
presented  in  Chapter  5.   The  failure  heights  for  the  FE 
analysis  and  simplified  Bishop's  method  with  a  horizontal 
reinforcing  force  are    shown  in  Table  7.2.    It  is  seen  that 
the  failure  heights  are    similar  for  most  strong  crust  cases 
but  are  higher  for  the  FE  analysis  for  the  weak  and  no  crust 
cases.   The  difference  may  be  due  partially  to  the  approxi- 
mations used  to  represent  the  linear  increase  in  strength 
with  depth  in  the  normally  consolidated  soils,  namely:  (1) 
in  PS-NFAP  the  strength  is  calculated  only  at  the  four  inte- 
gration points  in  each  element;  and  (2)  in  the  simplified 
Bishop  analyses  the  strength  was  represented  with  2.5  to 
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3.75-ft  thick  layers  (Table  7.1).   The  influence  of  these 
factors  could  be  reduced  with  thinner  elements  in  the  FE 
analysis  and  thinner  layers  in  the  simplified  Bfshop  analy- 
sis.  Furthermore,  the  FE  method  uses  as  Drucker-Prager 
failure  criterion  but  the  simplified  Bishop  method  uses  a 
Mohr-Cou 1 omb  failure  criterion.   This  leads  to  slightly 
different  ultimate  strengths  and  failure  heights.   In 
general  it  should  be  noted  that  failure  heights  obtained 
with  PS-NFAP  are  only  approximate  as  discussed  in  Chapter  5. 

Horizontal  displacement  at  the  toe  versus  embankment 
height  obtained  from  the  FE  analyses  for  for  the  three  crust 
strength  and  an  embankment  with  2h:lv  side  slopes  on  a  30-ft 
thick  foundation  is  shown  in  Fig.  7.4.   Also  shown  are  the 
failure  heights  calculated  with  simplified  Bishop's  method. 
For  the  strong  crust  case  the  simplified  Bishop  failure 
height  was  greater  than  the  FE  failure  height.    This  may  be 
partly  because  a  sliding  block  failure  mode  is  more  criti- 
cal.  For  the  weak  crust  case  the  FE  failure  height  was 
greater  than  the  simplified  Bishop  failure  height  but  note 
that  the  latter  coincides  with  a  rapid  increase  in  rate  of 
displacement.   This  was  also  observed  for  the  other  weak 
crust  cases.   It  is  seen  for  the  no  crust  case  that  the  FE 
failure  height  was  much  greater  than  the  simplified  Bishop 
failure  height.   Similar  behavior  occurred  for  the  other 
weak  crust  cases  (Table  7.2). 
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Failure  height  for  unreinforced  embankment  by 
simplified  Bishop's  method  compared  to  horizon- 
tal displacement  at  toe  vs.  embankment  height 
from  FE  analysis. 


38  1 

The  failure  height  calculated  with  classical  bearing 
capacity  theory  using  the  strong  crust  strength  was  10.3  ft. 
This  is  about  the  same  as  obtained  with  simplified  Bishop's 
and  FE  methods.   Using  the  weak  crust  strength,  a  height  of 
5.1  ft  was  obtained  which  is  slightly  less  than  for  simpli- 
fied Bishop's  and  FE  methods. 

The  relative  increase  in  height  at  failure  made  possi- 
ble by  reinforcement  (defined  in  Section  5.2.7)  from  FE  and 
simplified  Bishop  analyses  are  shown  in  Table  7.2  and  on 
Fig.  7.3.   On  the  whole,  for  the  strong  and  weak  crust  cases 
the  values  from  the  FE  analyses  agree  better  with  simplified 
Bishop's  method  using  a  horizontal  reinforcing  force 
although  for  some  cases  there  is  a  substantial  difference. 
Also  the  FE  analyses  indicated  that  deformations  prior  to 
failure  were  too  small  to  develop  the  reinforcements  full 
tensile  strength  so  the  deformation  are  probably  insuffi- 
cient to  to  orient  the  reinforcement  tangent  to  the  slip 
circle.   Both  suggest  that  the  reinforcing  force  should  be 
taken  as  horizontal  in  simplified  Bishop's  method.   For  the 
no  crust  case,  the  percent  increase  for  simplified  Bishop's 
method  with  a  horizontal  force  was  much  greater  than  for  the 
FE  method  indicating  the  caution  that  must  be  used  when  ana- 
lyzing extremely  weak  foundations  with  s   less  than  125  psf. 
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Comparison  with  the  summary  of  case  histories  of  rein- 
forced embankment  failures  (Table  2.2  and  Fig.  2.15)  shows 
that  greater  benefit  is  possible  with  reinforcement  than 
calculated  by  any  of  the  methods  in  this  study.   The  reason 
for  this  is  not  known. 

7.8  EFFECT  OF  REINFORCEMENT  ON  STRESSES  ON  FAILURE  SURFACE 

The  effect  of  reinforcement  on  normal  and  shear 
stresses  on  the  simplified  Bishop  critical  failure  surfaces 
was  studied  using  stresses  calculated  with  PS-NFAP  for  the 
weak  and  strong  crust  cases  with  2h:lv  side  slopes  and  a  30- 
ft  thick  foundation.   The  normal  and  shear  stresses  for  the 
weak  crust  case  are  shown  in  Figs.  7.5  and  7.6,  respec- 
tively.  It  is  seen  that  reinforcement  increases  the  normal 
stress  in  the  fill  only  slightly  so  the  shear  resistance  in 
the  fill  is  almost  unchanged.   The  normal  stress  on  the 
failure  surface  in  the  fill  from  limiting  equilibrium 
(simplified  Bishop  method)  was  slightly  less  than  that  from 
the  FE  method  as  shown  in  Fig  7.5.   The  FE  method  showed 
that  the  normal  stress  is  reduced  substantially  near  the  toe 
of  the  surface  but  this  would  have  no  effect  on  the  shear 
resistance  since  the  shear  strength  in  the  foundation  is 
based  on  total  stresses.   The  shear  stress  is  reduced 
slightly  in  the  fill  and  is  reduced  substantially  near  the 
toe  of  the  surface.   This  would  significantly  increase  the 
safety  factor.   The  safety  factor  based  on  the  stresses 
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calculated  by  P5-NFAP  is  1.03  for  the  unre i nforced  embank- 
ment and  1.17  for  the  reinforced  embankment.   Neglecting  the 
increase  in  normal  stress  in  the  fill  reduces  the  reinforced 
safety  factor  by  less  than  17.. 

Reinforcement  had  a  smaller  effect  on  the  normal  and 
shear  stresses  for  the  strong  crust  case  as  shown  in  Figs. 
7.7  and  7.8.   The  normal  stress  on  the  failure  surface  in 
the  fill  from  1  imi  t  i  ng  egu  i 1  i  br  i  um  ( s  i  mpl  i  f  i  ed  B  i  shop' s 
method)  was  nearly  identical  to  that  from  the  FE  analysis. 
Also  shown  on  Fig.  7.8  is  the  available  shear  strength.   The 
safety  factors  based  on  stresses  calculated  with  the  FE 
method  were  1.17  and  1.19  for  the  unre i nforced  and 
reinforced  embankments,  respectively.   Again,  neglecting  the 
increase  in  normal  stress  in  the  fill  reduced  the  reinforced 
safety  factor  by  less  than  17.. 

It  is  concluded  that  the  main  effect  of  the  reinforce- 
ment is  to  reduce  the  applied  shear  stress  in  the  overcon- 
solidated  crust  near  the  toe  of  the  critical  slip  surface. 
This  conclusion  is  considered  to  be  valid  even  though  the 
cap  model  only  approximately  represents  the  behavior  of 
overconsol i dated  soil  (see  Sections  4.2.4.3  and  5.2.8). 
There  is  a  negligible  increase  in  normal  stress  In  the  fill 
and  correspondingly  there  is  an  insignificant  effect  on  the 
available  shear  resistance.   Therefore,  the  assumption  made 
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in  simplified  Bishop's  method  that  the  shear  resistance  in 
unchanged  by  presence  of  the  reinforcement  is  justified. 

7.9  SUMMARY 

The  failure  heights  and  percent  increase  in  failure 

height  calculated  with  limiting  eguilibrium  and  FE  methods 

are  similar  but  greater  increases  have  been  observed  for 

several  case  histories.   Comparison  of  stresses  on  critical 

slip  surfaces  for  reinforced  and  unreinforced  embankments 

showed  there  is  little  effect  on  normal  stresses  in  the 

fill;  therefore,  the  assumption  made  by  simplified  Bishop's 

method  that  the  normal  stress  and  resulting  shear  strength 

in  the  fill  remains  unchanged  is  valid.   The  comparison  also 

showed  that  the  main  effect  of  the  reinforcement  was  to 

reduce  the  shear  stresses  in  the  foundation  near  the  toe  of 

the  circle.   It  is  suggested  that  the  reinforcing  force  be 

taken  to  act  in  the  original  direction  of  the  reinforcement. 

Caution  should  be  used  when  designing  embankments  on 

extremely  weak  foundations  with  s   less  than  125  psf. 

u 

The  finite  element  method  is  best  used  to  estimate  the 
force  in  the  reinforcement  when  the  foundation  soils  fail 
and  for  comparative  studies  of  reinforced  and  unreinforced 
embankment  behavior.   This  is  primarily  because  of  the  cap 
model's  inability  to  represent  reversal  of  principal  stress 
which  leads  to  overest imat ion  of  height  at  failure  (see 
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Sections  4.2.4.4  and  5.2.8).   Limiting  equilibrium  methods 
have  been  cal fbrated  to  field  experience  (at  least  for 
unreinforced  embankments)  and  should  be  used  to  estimate  the 
safety  factor  for  design  purposes. 
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CHAPTER  8 
SUMMARY,  CONCLUSIONS.  AND  RECOMMENDATIONS 


A  finite  element  analysis  based  on  the  cap  soil  behav- 
ior model  was  applied  to  analysis  of  reinforced  embankments 
constructed  on  soft  ground.   A  procedure  was  developed  to 
determine  the  cap  model  parameters  from  standard  soil  test 
results.   The  analysis  technique  was  applied  to  several 
embankment  and  foundation  geometries  with  different  soil 
properties  to  identify  the  situations  where  reinforcement  is 
likely  to  be  the  most  beneficial.   Critical  assumptions  of 
limiting  equilibrium  analysis  methods  that  are  modified  to 
include  the  effect  of  reinforcement  were  examined. 

8.  1  SUMMARY 

A  literature  review  was  made  of  previous  finite  element 
(FE)  studies  of  reinforced  embankments  constructed  on  soft 
ground  (Section  2.1).   Models  for  the  foundation  soils 
ranged  from  linear  elastic  for  the  earlier  studies  to  elas- 
tic-plastic for  the  more  recent  studies.   The  properties  of 
the  foundation  soils  were  generally  taken  to  be  uniform  with 
depth.   There  were  no  systematic  studies  for  embankments  on 
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foundations  with  an  overconsol i dated  crust  or  foundation 
strength  and  modulus  increasing  with  depth.   The  studies 
showed  the  importance  of  modeling  incremental  construction 
of  the  embankment  and  the  large  deformations  which  occur. 
Reinforcement  was  found  to  reduce  shear  stresses  and  lateral 
deformations  in  the  foundation  soils  and  increase  embankment 
stability.   The  benefit  from  reinforcement  increases  as  the 
strength  of  the  foundation  soil  decreases  and  the  reinforce- 
ment modulus  increases. 

Limiting  equilibrium  methods  which  are  modified  to 
account  for  the  stabilizing  effect  of  reinforcement  are  the 
most  common  procedures  used  to  design  reinforced  embankments 
(Section  2.2).   The  methods  assume  that  the  reinforcement 
provides  a  stabilizing  force  or  moment  but  does  not  alter 
the  normal  stress  or  fractional  resistance  on  the  slip  sur- 
face.  For  circular  sliding  surfaces  there  is  considerable 
controversy  as  to  whether  the  reinforcing  force  acts  in  the 
original  plane  of  the  reinforcement  (generally  horizontal) 
or  tangent  to  the  slip  circle.   The  latter  assumption  yields 
a  much  higher  safety  factor.   A  sliding  block  failure  mode 
may  be  more  critical  for  foundations  with  a  weak  layer. 

A  summary  was  made  of  37  case  histories  of  reinforced 
embankments  constructed  on  soft  ground  (Section  2.3).   Foun- 
dation materials  were  generally  weak  organic  soils  with 
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shear  strengths  of  less  than  15  kPa  (300  psf)  and  the 
embankment  fill  was  typically  granular.   In  many  cases  It 
was  necessary  to  combine  reinforcement  with  other  special 
construction  techniques  to  achieve  an  acceptable  safety  fac- 
tor.  The  failure  heights  were  compared  to  available  bearing 
capacity  theories.   Reinforcement  has  been  applied  to  a  few 
cases  where  existing  embankments  were  widened  and  had  their 
grade  raised  but  there  have  been  no  systematic  studies  of 
the  effectiveness  of  reinforcement  in  this  application. 

Soil  behavior  in  the  present  FE  study  was  represented 
with  the  cap  soil  behavior  model.   It  is  an  elastic-plastic 
isotropic  work-hardening  plasticity  model  with  a  Drucker- 
Prager  ultimate  failure  surface  and  an  elliptical  shaped 
cap.   Its  main  features  and  governing  equations  are  summa- 
rized in  Chapter  3. 

A  straight  forward  procedure  was  developed  to  obtain 
the  cap  model  parameters  from  standard  soil  test  results 
(Chapter  4).   In  the  past  the  parameters  were  determined 
with  a  trial  and  error  procedure  and  it  was  difficult  to 
determine  a  set  of  cap  parameters  that  were  consistent  with 
the  corresponding  soil  properties.   The  input  soil  proper- 
ties for  the  new  procedure  are  C  t  C  »  4>'t  c',  and  s  /o^q. 
The  procedure  Includes  an  approximate  method  to  match  the 
Drucker-Prager  and  Mohr-Coulomb  failure  criteria.   The  cap 
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parameters  were  calculated  for  Boston  Blue  Clay  and  used  as 
input  into  the  model.   Computed  behavior  agreed  well  with 
laboratory  test  results  except  for  tests  that  underwent  90 
degree  rotation  of  principal  stress.   Cap  parameters  were 
calculated  from  i sotropi cal 1 y  consolidated  tri axial  test 
results  for  52  clayey  soils.   The  cap  aspect  ratio  is  inde- 
pendent of  the  initial  vertical  stress  but  varies  with  K  . 
For  at  least  some  soils  it  is  important  to  calibrate  the 
model  with  shear  strengths  from  tests  that  properly  repre- 
sent the  initial  state  of  stress.   A  procedure  to  determine 
the  initial  position  of  the  cap  for  overconsol i dated  soil 
was  presented. 

A  comparative  finite  element  study  of  reinforced  and 
unreinforced  embankment  behavior  was  made  with  the  plane 
strain  finite  element  analysis  program  PS-NFAP  (Chapter  5). 
The  program  accounts  for  large  strains  and  uses  an  incremen- 
tal procedure  to  simulate  embankment  construction.   Soil 
behavior  was  represented  with  the  cap  model.   The  foundation 
soils  were  taken  to  be  undrained  and  had  an  overconsol i dated 
crust  underlain  by  normally  consolidated  soil  whose  strength 
and  modulus  increased  with  depth.   Crust  strength  was  found 
to  have  the  largest  effect  on  the  benefits  possible  with 
reinforcement.   In  contrast  to  other  studies,  the  effect  of 
foundation  depth  and  embankment  width  were  small,  at  least 
for  the  wide  embankments  considered  herein,  possibly  because 
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the  strength  and  modulus  of  the  foundation  soils  increased 
with  depth.   The  effect  of  side  slope  was  small  and  rein- 
forcement is  very  beneficial  for  compressible  foundation 
soils.   Reinforcement  increased  the  height  at  failure  and 
reduced  the  displacements  and  shear  stresses  in  the  founda- 
tion near  the  embankment  toe.   The  force  in  the  reinforce- 
ment when  the  foundation  soils  failed  were  less  than  typical 
reinforcement  ultimate  strengths. 

Special  procedures  were  developed  to  use  PS-NFAP  for 
analysis  of  existing  embankments  that  are  widened  and  have 
their  grade  raised  (Chapter  6).   Construction  of  the  exist- 
ing embankment  under  drained  conditions  was  simulated  fol- 
lowed by  placement  of  the  widened  section  under  undrained 
conditions.   It  was  found  that  reinforcement  placed  beneath 
the  widened  section  and  on  the  slope  and  crest  of  the  exist- 
ing embankment  was  very  beneficial  for  some  combinations  of 
existing  embankment  height,  width  of  the  widened  section, 
and  crust  strength.   For  narrow  widened  sections  the  benefit 
was  small  and  for  wide  widened  sections  behavior  approached 
that  of  a  normal  embankment  constructed  under  completely 
undrained  conditions. 

Limiting  equilibrium  methods  that  are  modified  to 
Include  the  stabilizing  effect  of  the  reinforcement  were 
also  studied  (Chapter  7).   The  main  difficulty  In  applying 
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these  methods  is  estimating  the  available  force  in  the  rein- 
forcement.  It  is  limited  by:  (1)  the  ultimate  strength  of 
the  reinforcement;  (2)  the  shear  strength  between  the  rein- 
forcement and  the  surrounding  soil;  and  (3)  deformation  in 
the  reinforcement  prior  to  failure  of  the  foundation  soil. 

Simplified  Bishop's  (1955)  slope  stability  method  was 
modified  to  include  the  stabilizing  moment  provided  by  the 
reinforcement.   The  method  assumes  that  the  normal  stress 
and  shear  resistance  on  the  portion  of  the  failure  surface 
that  passes  through  the  granular  fill  are    unchanged  by  the 
presence  of  the  reinforcement.   Comparison  with  stresses  for 
reinforced  and  unreinforced  embankments  calculated  with  PS- 
NFAP  showed  that  this  is  indeed  the  case.   In  addition  the 
comparison  showed  that  reinforcement  reduces  the  shear  and 
normal  stresses  near  the  toe  of  the  slip  surface.   Simpli- 
fied Bishop's  method  with  a  horizontal  reinforcing  force 
equal  to  the  maximum  value  at  failure  obtained  with  PS-NFAP 
yielded  benefits  from  reinforcement  that  were  similar  to  the 
FE  studies.   The  benefit  was  greater  than  the  FE  studies 
when  the  reinforcing  force  was  assumed  to  act  tangent  to  the 
slip  circle  which  suggests  that  a  horizontal  force  is  more 
appropriate.   Comparison  with  available  case  histories  of 
reinforced  embankment  failures  showed  that  for  many  cases 
observed  increases  in  failure  height  were  greater  than 
calculated  by  the  analysis  methods  used  in  this  study. 
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8.2  CONCLUSIONS 

The  following  conclusions  are  drawn  from  the  work  pre- 
sented In  this  thesis: 

1.  Based  on  a  review  of  case  histories,  there  is  a  rela- 
tion between  the  undrained  shear  strength  of  the  foun- 
dation and  the  height  of  reinforced  embankments  at 
failure.   The  height  is  greater  than  predicted  by 
classical  bearing  capacity  theory. 

2.  A  straightforward  procedure  was  developed  to  determine 
the  cap  parameters  from  standard  soil  test  results. 

It  is  important  to  calculate  the  model  parameters 
using  soil  strengths  from  tests  which  correctly  repre- 
sent the  initial  state  of  stress  for  at  least  some 
soi 1  types . 

3.  The  cap  aspect  ratio  R  was  found  to  be  independent  of 

the  initial  vertical  stress  o'   but  dependent  on  the 

vo 

coefficient  of  lateral  earth  pressure  at  rest  K  . 

4.  The  cap  model  poorly  predicts  soil  behavior  when  there 
is  a  90  degree  rotation  of  principal  stresses.   For 
overconsol I dated  soils  the  hardening  rule  does  not 
correctly  predict  contraction  of  the  cap. 
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5.  Crust  strength  and  foundation  compressibility  have  the 
greatest  influence  on  the  possible  benefit  with  rein- 
forcement.  Other  variables  including  embankment 
width,  embankment  side  slope,  and  foundation  depth 
have  on  1 y  a  secondary  influence. 

6.  Failure  of  the  foundation  soil  occurs  before  there  are 
sufficient  deformations  to  develop  the  full  tensile 
strength  of  typical  reinforcement. 

7.  Reinforcement  is  beneficial  for  existing  embankments 
that  are  widened  and  have  their  grade  raised  except 
for  narrow  widened  sections  where  the  benefit  is 
sma 1 1 . 

8.  Reinforcement  reduces  the  shear  stresses  in  the  foun- 
dation near  the  embankment  toe. 

9.  Modified  limiting  equilibrium  methods  of  analysis 
assume  that  the  reinforcement  does  not  alter  the  nor- 
mal stress  or  shear  strength  on  the  portion  of  the 
failure  surface  that  passes  through  the  granular 
embankment  fill.   This  assumption  is  valid  based  on 
comparison  of  stresses  in  reinforced  and  unreinforced 
embankments  calculated  with  the  FE  method. 
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10.  The  benefit  due  to  reinforcement  predicted  by  the  FE 
method  and  simplified  Bishop's  method  agree  better 
when  the  reinforcing  force  in  the  latter  Is  taken  to 
be  in  the  direction  of  the  reinforcement  rather  than 
tangent  to  the  slip  circle. 

11.  At  present  finite  element  analysis  with  PS-NFAP  is 
best  suited  to  comparative  studies  of  reinforced  and 
unreinforced  embankment  behavior  and  for  predicting 
the  force  in  the  reinforcement  at  the  point  where  the 
foundation  soils  fail.   Assessments  of  the  safety  of 
reinforced  embankments  for  design  purposes  should  be 
made  with  limiting  equilibrium  methods. 

8.3  RECOMMENDATIONS  FOR  FURTHER  RESEARCH 

The  work  presented  herein  is  an  advance  in  application 
of  the  cap  soil  behavior  model  to  practical  problems  and  in 
design  of  reinforced  embankments.   Nonetheless  there  are 
some  aspects  of  reinforced  embankment  design  that  would  ben- 
efit by  further  study  and  the  ability  of  the  cap  model  to 
accurately  predict  soil  behavior  could  be  extended  to  a 
wider  range  of  stress  paths  and  drainage  conditions.   The 
following  are  recommended  as  additional  research  topics: 

1.   A  parametric  study  of  the  effect  of  reinforcement 
should  be  made  using  PS-NFAP  for  a  wider  range  of 
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embankment  geometries  and  soil  properties.   It  should 
include  narrow  embankments,  different  crust  thick- 
nesses, and  different  reinforcement  moduli.   Special 
attention  should  be  given  to  the  allowable  force  in 
the  reinforcement.   The  results  should  be  summarized 
in  a  form  that  would  permit  the  allowable  reinforcing 
force  to  be  estimated  for  prel iminary  embankment 
des  i  gns . 

2.  The  effect  of  inaccuracies  in  the  input  soil  proper- 
ties on  embankment  response  predicted  with  the  cap 
soil  behavior  model  should  be  studied  to  identify  the 
properties  which  have  the  greatest  influence  and  the 
range  of  possible  errors  in  calculated  response. 

3.  The  Mohr-Coulomb  failure  criteria  which  has  an  irregu- 
lar hexagonal  cross-section  in  stress  space  is  known 
to  predict  the  ultimate  failure  strength  of  many 
soils.   The  model  presently  uses  the  cone  shaped 
Drucker-Prager  criteria.   This  should  be  modified  to  a 
surface  which  approximates  the  Mohr-Coulomb  criteria. 
This  would  eliminate  the  need  to  make  an  approximate 
match  between  the  two. 
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4.  The  cap  model  should  be  extended  to  improve  its  abi 1- 
ity  to  model  soil  behavior  during  rotation  of  princi- 
pal stress  and  the  behavior  of  overconsol idated  soils. 

5.  Compacted  cohesive  soils  are  sometimes  used  as  the 
fill  material  for  reinforced  embankments  but  the  pre- 
sent study  and  all  other  analytical  studies  assume  the 
fill  is  granular.   The  behavior  of  reinforced  embank- 
ments with  cohesive  fill  should  be  studied  with  the 
cap  model  or  some  other  soil  model. 

6.  Reinforced  embankments  are  often  constructed  on  peaty 
foundation  soils  which  experience  significant  drainage 
during  construction.   First,  the  ability  of  the  cap 
model  to  predict  the  drained  and  undrained  behavior  of 
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